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PREFACE

The Strong Motion Instrumentation Program (SMIP) in the Division of Mines and
Geology of the California Department of Conservation promotes and facilitates
the improvement of seismic codes through the Directed Research Project. The
objective of this project is to increase the understanding of earthquake
strong ground shaking and its effects on structures through interpretation and
analysis studies of SMIP and other applicable strong-motion data. The
ultimate goal is to accelerate the process by which lessons learned from
earthquake data are incorporated into seismic code provisions and seismic
design practices.

The Loma Prieta earthquake of October 17, 1989 produced a large set of strong-
motion data from a magnitude 7.1 earthquake. This data set is very important
because most previous strong-motion data are from earthquakes of lower
magnitude. SMIP obtained records from a total of 94 stations, including 53
ground-response stations and 41 extensively-instrumented structures. These

records have been the subject of SMIP directed research projects in the past
year.

The SMIP91 Seminar is the third in a series of planned annual events designed
to transfer recent research findings on strong-motion data to practicing

seismic design professionals and earth scientists. In both oral presentation
and poster sessions, sixteen investigators will provide state-of-the-art data

and analysis results from recent research studies of SMIP data during the past
year.

The papers in this volume represent interim results obtained by the
investigators. Following this seminar the investigators will be preparing
final reports with their final conclusions. These reports will be more
detailed and will update the results presented here. SMIP will make these
reports available after the completion of the studies.
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Source, Path, and Site Ground Motion Model of The Loma Prieta Earthquake: Preliminary Results

W. J. Silva
Pacific Engineering and Analysis

C. Stark
Graduate Student, U.C. Berkeley

ABSTRACT

The objective of this study is to model the observed strong ground motion variability during the
1989 Loma Prieta earthquake. The modeling exercise is intended to assess the effects of source
finiteness, crustal propagation, and site response upon the recorded motions. The ground motion model
employed combines a model for the finite earthquake source as well as nonlinear soil response and
crustal propagation effects with the band-limited-white-noise (BLWN) ground motion model. The
combined model uses random vibration theory (RVT) to produce site specific estimates of peak
acceleration and response spectral ordinates. Preliminary results indicate that the simple point-source
using a 1/distance geometrical attenuation provides the optimum overall fit to observed response spectra
at fault distances ranging from 1 - 80 km. In addition, knowledge of site specific kappa values reduce
the uncertainty in spectral estimates for frequencies exceeding 3 - 4 Hz.

INTRODUCTION

In the near-source region of large earthquakes, dynamic and geometrical properties of the
extended (or finite) earthquake source may profoundly affect the resulting ground motion. Specific
properties such as rupture propagation, directivity, and source-receiver geometry may be incorporated
into strong ground-motion predictions. In this study, a model for the finite-source is combined with
the BLWN-RVT ground-motion model [1] to produce site-specific response spectra appropriate for
engineering design. The site-response calculation includes nonlinear effects of strain-dependent soil
properties on vertically propagating shear waves. In addition, to accommodate the effects of crustal
structure on wave propagation at large distances (2 50 km), the model incorporates the contributions
of direct and supercritically reflected wavefields [2]. Together with the finite-source model, this
combined approach yields a site-response methodology applicable to a wide range of site conditions and
source distances. As a result, the model is useful in isolating and quantifying the source, propagation
path, and site properties which control the variability of strong ground motions. This assessment is
made by modeling a total of 25 strong motion sites (22 rock and 3 soil) which recorded the 1989 Loma
Prieta earthquake. For these sites, fault distances ranged from 1 to 81 km (Table 1).

COMPUTATIONAL MODEL

To approximate the effects of an extended source at close source-receiver distances, the empirical
Green function methodology [3] is followed, but in place of small-earthquake recordings the omega-
square source model [4], is used to simulate a series of small earthquakes distributed across the fault
plane. The model assumes constant slip in small, discretized sub-faults, and generates a small-
magnitude source function over each area. The initiation of slip on the sub-fault is partially randomized
to minimize artificial periodicity of sub-events. By propagating the rupture across a series of sub-faults,
appropriately time-delayed, the model generates a Fourier spectrum which incorporates the effects gf
rupture propagation. This spectrum is then used to estimate response spectra for a finite- source within
the framework of the BLWN-RVT ground-motion model. Path effects are approximated with factors
for geometrical spreading (1/distance) and frequency-dependent attenuation. Amplification factors for
rock sites are modeled by vertical propagation of motions through a crustal velocity model, with- the
near-surface exponential-decay parameter kappa [5]. At soil sites, motions are additionally propagated
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through a soil profile, using an equivalent-linear approach to model the effects of strain-dependent shear
modulus and damping values [6]. In order to model the effects of direct and supercritically-reflected
S- waves, the point-source part of the model has been augmented to include the contributions of these
wavefields [2]. This extension of the BLWN model then permits an evaluation of the appropriateness
of the simple assumption of 1/distance [1] for geometrical attenuation.

INITTAL MODEL RESULTS

The M 6.9 1989 Loma Prieta earthquake produced a wealth of strong-motion recordings at
source-receiver distances of less than 100 km, representing a variety of site conditions. The source
model employed here is given by the slip distribution of Wald et al. [7]. The slip distribution is
approximated using a grid of 3.3-by-2.5 km patches of constant slip, with each sub-event having M 5.0.
Slip is initiated across the fault using a constant rupture velocity (circular rupture front) of 3 km/sec.
The total rupture duration is 6.5 sec and the rise time is 1.2 sec.

In the first step of the project, rock outcrop motions at 22 rock sites at fault distances from 1
to 81 km (Table 1) were modeled. Using templates for spectral shapes as a function of kappa for an
M 6.9 point-source at close distances [8], kappa values were determined for each rock site (Table 1,
model 0); the average kappa is .06 sec. For crustal amplification, the velocity model of Wald et al.
[7] was used. The Q model used is appropriate for WNA; Q(f) = 150 ¢ (Table 1, model 0 [8]).
Acceleration response spectra (5% damped) in the band .010 to 10 sec, were then simulated for the
finite-fault model and for an equivalent point-source model, both using the simple 1/R geometrical term.
For the point-source simulations, the magnitude and source durations were constrained to M 6.9 and
6.0 sec respectively [7]. These values result in a Brune stress drop of 238 bars for a source region
shear-wave velocity of 3.6 km/sec at a depth of 12 km (depth of the largest asperity [7]). Comparisons
of these simulations to the average of two horizontal components recorded at 9 of the 22 rock sites are
shown in Figure 1.

In addition, response spectra were modeled at three soil sites: PAV (stiff soil), GL2 (deep stiff
soil), and TRI (soft soil)(Table 1). Shear-wave velocity profiles for these sites (from surface to
bedrock) are derived from downhole seismic surveys performed in close proximity to each of the strong-
motion instruments (Bruce Redpath, personal communication). Shear modulus and damping for PAV
and TRI sites as functions of shear strain used in the modeling are shown in Figure 2. The soil models
are preliminary and currently are based upon strong-motion simulations. The soil models for GL2, also
shown in Figure 2, are preliminary results from laboratory tests (Ken Stokoe, personal communication).
Further refinement of the models will result from an ongoing laboratory-testing program. For input to
the soil column, the same crustal velocity model was used, with a kappa of .04 sec appropriate for
average western North America rock sites [8]. The soil columns were then simply placed on top of the
crustal model. Comparisons of simulations to observations at soil sites are shown in Figure 1.

For rock sites, both the finite-fault and point-source models generally simulate the observed peak
acceleration and spectral shape over broad spectral ranges. For periods shorter than 1.0 sec, the finite
and point-source models appear to fit the data equally well. At close distances, within 20-30 km, the
point-source clearly overpredicts long-period (> 1.0 sec) response. At all distances, the finite-source
model generally appears deficient at intermediate periods (0.5 - 3.0 sec). We attribute this deficiency
to the manner in which small-magnitude earthquakes are summed to generate large earthquakes in the
simulation [10].

For the soil sites (GL2, PAV, and TRI), the simulated motions agree very well for periods less
than about 0.3 sec. As with the rock sites, the finite-source shows some spectral deficiency at
intermediate periods and the point-source overpredicts at long periods at the close sites. For the distant
soil site, TRI, the fit is very good from peak acceleration to periods of several seconds.
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To illustrate the effects of soil nonlinearity at high levels of motion, Figure 3 shows 5% damped
response spectra resulting from a site response analysis at GL2 using the outcrop recorded motions at
GL1 as control motions. In Figure 3, the dash-dotted line represents a linear analysis using the small
strain laboratory data. The resulting motions show exaggerated short period response with a peak
acceleration of 0.76 g. The equivalent-linear analysis shows a good fit over the entire bandwidth with
a peak acceleration of 0.37 g, in accord with the average observed of 0.37 g. The improvement at long
periods using the nearby rock outcrop as control motions over the point-source model is a consequence
of the exaggerated long period response of the point-source model at long periods. Also shown in
Figure 3 are the low- and high- strain values of shear-wave velocity and Q (damping = 1/2Q).

STRONG MOTION DATA INVERSION

In order to provide a more region-and site-specific ground motion model, an inversion for
magnitude, corner frequency (inverse of source duration), regional Q model (Q, and eta), and site
specific kappa values was made for the 22 rock sites. Using the starting values from model 0 (Table
1), the resulting model parameters are shown in Table 1 as model 1. Interestingly, the average kappa
value is changed little (0.06 sec to 0.05 sec). The moment magnitude has decreased slightly to 6.86
with an increase in duration to 6.2 sec resulting in a Brune stress drop of 184 bars. Of particular
interest, the Q model has shown an increase in Q, to 186 and a decrease in eta to 0.36. Apparently
the system is more compatible with a higher Q, and less of a frequency dependence than that assumed
appropriate for WNA.

INVERSION MODEL RESULTS

Both the finite- and point- source models were rerun with the new model parameters (Table 1,
model 1). For the finite-source however, the source model, based upon Wald et al. [7], was left
unchanged. The simulated peak acceleration values are shown in Table 1. The results of the inversion
generally show an increase in motions for the point-source resulting in a slightly better fit at distance.
For the finite-source, while the motions are generally comparable, care should be taken in evaluating
the difference because a point-source model was used in the inversion and neither the magnitude nor
source duration was perturbed in the finite-fault run.

To provide a quantative measure of the ground motion predictions, a simple goodness of fit at
each spectral period was performed by taking the difference of the logs of the observed average
response spectrum and the predicted response spectrum, squaring, and summing over the 22 rock sites.
Dividing the resultant by the number of sites (assuming zero bias) results in an estimate of the model
variance. Figure 4 shows the natural log of the standard error plotted versus frequency for the finite-
and point- source simulations using model O (Table 1) parameters (top frame) and model 1 parameters
(lower frame). For both the point- and extended- sources, the standard errors for frequencies greater
than about 2-3 Hz are comparable to those based upon empirical regression analyses. The large peak
shown in the finite-fault standard error is a consequence of the intermediate-period spectral deficiency
of the response spectra shown in Figure 1. Additional features of interest include the small difference
between the point and extended source models and the stability of the point- source standard error to
periods of several seconds. The increase in the point-source standard error with increasing period is
due largely to the overprediction at close distances shown in Figure 1. For model 1, shown in Figure
4 (lower), there is a reduction in standard error for the point-source and a slight increase for the finite-
source.

To examine the distance dependency of the difference in standard errors between the point- and
finite- sources, Figure 5 shows an analogous set of plots for sites located within a fault distance of 55
km (sites including A2E and closer). For model 0, the finite-source shows a generally lower variance
than the point-source for high frequencies (> 4 Hz). Comparable levels of uncertainty are shown down
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to about 1 Hz where the finite-fault spectral deficiency peaks. Also, the overprediction of the point-
source at long periods is apparent in the increase in standard error at low frequencies. The value at 0.1
Hz exceeds that shown in Figure 4 by a significant amount supporting the observation that the low
frequency misfit is due largely to the close stations. This may be a consequence of using an average
radiation pattern coefficient in the point-source model as well as in the inversion code.

The model 1 results in Figure 5 show an improved fit for the point-source and an increase in
error for the finite-source, particularly at high frequencies. Apparently, for the close-in stations,
inversions for source, path, and site properties should include effects of source finiteness. However,
it must be recalled that the finite-fault simulations were not rerun with a lower magnitude and slightly
larger duration which resulted from the point-source inversion (Table 1, model 1).

Considering the standard errors shown in Figure 4 for all sites (1 - 81 km) and Figure 5 for the
close-in sites, it appears there is not a large difference in uncertainty between the point- and extended-
sources. The simple point-source, given the proper source and propagation path parameters, as well
as site-specific kappa values, produces response spectral ordinates that are, on average, as reliable as
those produced with a finite source.

EFFECTS OF KAPPA

In the stochastic model used here the controlling site-dependent parameter for rock sites is kappa
[5,8]. In order to assess the overall improvement in fit that site-specific kappa values can provide, the
point-source simulations were run with a constant average kappa. The value used (0.05 sec) is the
average resulting from the inversion (Table 1, model 1). Figure 6 shows the results for all rock sites
compared to the point-source with site-specific kappa values. As expected, the constant kappa variance
is larger than the site-specific kappa simulations and the difference is frequency dependent. For
frequencies less than about 3 - 4 Hz, site-specific kappa values provide little reduction in variance.
For higher frequencies, however, the reduction in uncertainty appears to be significant and demonstrates
that knowledge of an appropriate kappa value for a particular site is significant in predicting expected
motions.

To examine the goodness of fit of the point-source model using a 1/R geometrical attenuation
to the observed attenuation of peak acceleration, Figure 7 shows the model 1 predictions along with a
curve computed using the model 1 average kappa of 0.05 sec. The model with site specific kappa
values provides an acceptably good fit (standard error of about .034) to the data. The constant kappa
model has a standard error for peak acceleration of about (.47, which is still comparable to that
obtained from empirical regression analyses which include interearthquake variability. The two extreme
outliers in the data at about 80 km with average peak horizontal accelerations near (.2 g are sites
Presidio and Golden Gate. It is possible that these sites, which are located upon soft serpentine,
experience significant local amplification (Dave Boore, personal communication). With the exception
of these sites, which represent significant contributions to the model variance, the point-source model
(Table 1, model 1) with site-specific kappa values provide a good estimate of the observed attenuation
of peak acceleration.

EFFECTS OF WAVE PROPAGATION

In both the finite-source and point-source stochostic models presented here, geometrical
attenuation was modeled as a simple 1/distance (distance to largest asperity for the point-source)
dependency. In order to investigate the effects of accurately accommodating the direct and
supercritically reflected rays in the point-source simulations, the method of Ou and Herrmann [2] was
employed. This technique computes the appropriate geometrical attenuation and duration for the direct
and supercritical rays in a manner appropriate for the stochastic ground motion model.
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For a quantative comparison of the response spectral ordinates using the 1/R geometrical
attenuation model and the direct plus supercritical model, the standard errors are shown in Figure 8 for
both cases using model 1 parameters. The direct plus supercritical shows a larger uncertainty for
frequencies greater than about 3 Hz, comparable uncertainty from about 3 Hz to about 0.3 Hz, and then
lower levels of uncertainty at long periods. These results indicate that, in the stochastic model, over
the period range of several seconds to over 30 Hz, the 1/R geometrical attenuation performs generally

as well as the seismologically more rigorous model which includes the direct plus supercritically
reflected phases.

CONCLUSIONS

An extension of the stochastic ground motion model which accommodates a finite- source as well
as nonlinear soil response has been used to model the source, path, and site effects of the 1989 Loma
Prieta earthquake. Based upon an analysis of variance between the observed and computed response
spectra, the preliminary results indicate that the finite-fault and point-source models provide comparably
low levels of uncertainty. Depending upon oscillator period, both models produce uncertainty levels
comparable to the standard errors resulting from empirical regression analyses. Specifically, for sites
within about 50 km of the fault, the finite-source provides slightly lower variance estimates while for
all distances, the point-source results are generally lower in variance from several seconds to over 30
Hz. Using site-specific kappa values, based upon an inversion of strong motion data recorded at 22
rock sites, the variance is reduced considerably for frequencies above about 3 - 4 Hz.

Comparing the simple 1/R geometrical attenuation assumed for the stochastic model [1] with a
seismologically more rigorous model which includes the direct plus supercritically reflected phases [2]
resulted in nearly the same estimates of uncertainty. These results indicate that the simple stochastic
point-source model with 1/R geometrical attenuation provides a good fit to the response spectra
computed from observed records at fault distances varying from 1 - 80 km. For the point-source
model, with site specific kappa values, the standard error of peak acceleration estimates at rock sites
is about 0.34. Using an average kappa value, the standard error is increased about 40% to about 0.47.
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TABLE 1
A) Loma Prieta Modeling Summary,
Site Kappa (sec) PGA(g)
Model Fault Finite Point”
Name Label 0 1 Dist Avg, Obs. Model Model
(km) 0 1 0 1
Corralitos COR 0.055 0.074 1 0.55 0.52 | 0.52 | 0.58 0.53
Gilroy 1 GL1 0.025 0.043 15 0.44 0.43 | 0.29| 0.51 0.43
Gilroy 2 GL2 0.040 0.052 16 0.35 0.39 | 0.36 | 0.41 0.41
UC Santa Cruz UCS 0.040 0.037 16 0.46 0.51 | 0.51] 0.35 0.44
Gilroy 6 - | GL6 0.050 0.065 24 0.14 0.17 | 0.16 | 0.23 0.23
Palo Alto VA Hosp. |[PAV 0.040 0.052 24 0.37 0.38 | 0.38 | '0.38 0.34
SLAC SLA 0.060 0.062 28 0.24 0.19 | 0.17| 0.16 0.19
Redwood City-Cafada | RDC 0.120 0.072 38 0.07 0.09 | 0.14 | 0.07 0.13
SAGO South SAS 0.100 0.082 39 0.07 0.07 | 0.08 1 0.08 0.12
APEEL 7 AQ7 0.100 0.058 44 0.13 0.09 | 0.14 | 0.07 0.12
APEEL 10 Al0 0.100 0.078 44 0.09 0.09 | 0.11} 0.07 0.10
Monterey City Hall MON 0.060 0.054 44 0.07 0.11 | 0.11 1 0.09 0.12
Belmont 2-story Bldg | BEL 0.080 0.067 46 0.11 0.12 | 0.13| 0.08 0.11
Apeel 2E CUSH Stad. | A2E 0.040 0.059 53 0.08 0.08 { 0.06{ 0.09 0.09
Sierra Point SSP 0.040 0.029 65 0.08 0.10 { 0.10} 0.07 0.09
SF Diamond Heights |SFD 0.040 0.039 73 0.10 0.09 | 0.081 0.07 0.09
Piedmont Jr. High PHS 0.050 0.042 74 0.08 0.06 | 0.07| 0.06 0.08
SF Rincon SFR 0.040 0.018 76 0.09 0.09 | 0.11] 0.07 0.10
Yerba Buena Island YBI 0.080 0.080 77 0.05 0.06 | 0.08 | 0.05 0.06
SF Pacific Heights SFH 0.080 0.055 78 0.06 0.09 | 0.07}{ 0.05 0.07
SF Telegraph Hill SFT 0.040 0.048 78 0.07 0.08 | 0.07] 0.06 0.07
SF Presidio SFP 0.080 0.033 79 0.16 0.08 | 0.08] 0.05 0.08
Treasure Island TRI 0.040 0.052 79 0.13 0.14 | 0.14] 0.14 0.14
SF CIiff House SFC 0.080 | 0.048 80 0.09 0.05 | 0.07{ 0.04 0.07
SF Golden Gate SFG 0.040 0.036 81 0.18 0.08 | 0.07| 0.06 0.08
AVG.”" AVG.”
0.06 0.05

“Point source simulations use a source depth of 12 km (depth of largest asperity [7]).

“Average of rock sites
B) Source Parameters and Path Q Models

Modell M |SD (Bars)| Duration (sec)| Q | ETA

0 6.90 238 6.0 150 0.60

1 6.86 184 6.2 186 | 0.36
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Figure 1. 5% damped response spectra for Loma Prieta earthquake at 9 rock and 3 soil
sites in SF Bay Area. Shown for each site are observed data (solid), and
simulations from finite fault (dashed) and point source (dash-dotted). Model
parameters are shown in Table 1 (model 0).
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Figure 3. Results of site response analyses at GL2 using linear and equivalent-linear soil
response. Rock outcrop motion at GL1 (vector sum Fourier spectra) was used as
control motion. Left frame is 5% damped response spectral acceleration showing
results of linear and equivalent-linear analyses. Center frame shows the initial
(low-strain) and final (high-strain) soil Q profile (damping = 1/2Q). Right frame
shows the initial and final shear wave velocities. Initial (low-strain) shear wave Q
is taken from the laboratory data at 10*% shear strain.
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THE INFLUENCE OF CRITICAL MOHO REFLECTIONS ON STRONG GROUND MOTION
ATTENUATION IN CALIFORNIA

Paul Somerville, Nancy Smith, Robert Graves
Woodward-Clyde Consultants, Pasadena

Douglas Dreger
Seismological Laboratory, California Institute of Technology

ABSTRACT

Using strong motion recordings from the 1987 Whittier Narrows and 1989 Loma Prieta
earthquakes, we show evidence that critical reflections from the lower crust control the attenuation
of peak acceleration at distances beyond the critical distance, causing a flattening of the attenuation
curve. Depending on the focal depth of the earthquake and the crustal thickness, this flattening
can begin at distances from the source as close as 40 km.

INTRODUCTION

Empirical attenuation relations assume a simple monotonic decrease of peak ground motions
with distance. However, models of wave propagation in a layered crust predict that the attenuation
relation for a specific earthquake will have a more complex form that is controlled by the focal
depth of the earthquake and the crustal structure (Burger ef al., 1987), as shown schematically in
Figure 1. At close distances, peak horizontal ground motions are controlled by direct upgoing
shear waves. However, as distance increases, the reflections of shear waves from interfaces in the
lower crust (such as the Conrad and Moho discontinuities) reach the critical angle and undergo
total internal reflection, producing large amplitude arrivals (S.S and S,,S) that cause a flattening
of the attenuation relation. Strong evidence of the effect of critical reflections on the attenuation
of strong ground motion from the 1988 Saguenay, Quebec earthquake was described by Somerville
et al. (1990).

The present study was motivated by the hypothesis that critical reflections from the Moho
caused peak ground motion amplitudes to remain approximately uniform in the epicentral distance
range of about 50 to 100 km from the 1989 Loma Prieta earthquake (Somerville and Yoshimura,
1990). Strong ground motion levels on rock and alluvium in the central San Francisco Bay area
during the Loma Prieta earthquake exceeded those of empirical attenuation relations. According
to the hypothesis, these large ground motions were critical Moho reflections, and contributed about
equally with impedance-contrast amplification effects in generating destructive ground motions at
soft soil sites in the central San Francisco Bay area.

The principal objective of this paper is to examine evidence for the influence of critical
reflections on strong ground motion attenuation in other regions of California. We have done this
by examining the strong motion recordings of the following large earthquakes: 1952 Kern County,
1968 Borrego Mountain; 1971 San Fernando; 1985 Coalinga; 1986 North Palm Springs; and 1987
Whittier Narrows. In this paper, we concentrate on results from the 1987 Whittier Narrows and
1989 Loma Prieta earthquakes.

1989 LOMA PRIETA AFTERSHOCKS AND MAINSHOCK

We see the influence of critical reflections most clearly in recordings of aftershocks of the
Loma Prieta earthquake, because aftershocks have briefer source processes than the mainshock and
therefore provide a clearer representation of wave propagation effects. On the left side of Figure
2, we show a profile of the east component of velocity recorded at stations northwest of the 1:30
am aftershock of November 5, 1989. The data are described by Mueller and Glassmoyer (1990);
all of the recordings have absolute times, allowing them to be aligned in time with a travel time
reduction of 3.5 km/sec. Superimposed on the profile are travel times for the direct S, Conrad
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critical reflection (S.S), and Moho critical reflection (S,;S). On the right side of Figure 2, we show
a profile of synthetic seismograms for the San Francisco Peninsula (along an azimuth of 320°)
generated by the reflectivity method.

Except at the closest recording station on the left side of Figure 2, the direct arrival has a
small amplitude relative to later arrivals, and the first conspicuous phase has the arrival time of
the critical Conrad reflection S_.S. The largest phase at all stations except the closest station occurs
soon after the expected arrival time of the critical Moho reflection S,;S. These aftershock recordings
indicate that at distances beyond about 50 km, the recorded peak ground motion amplitudes are
controlled not by the direct S wave but by the wave that is critically reflected from the Moho.
This interpretation is confirmed by the synthetic seismograms shown on the right side of Figure
2: beyond about 45 km, the largest amplitudes are associated with the Moho reflection. Analyses
of other aftershocks show the same effects. The large motions that follow the Moho reflection in
the recorded data suggest that there may be strong lateral variations in crustal structure along the
propagation path,

Evidence of the influence of critical Moho reflections on the attenuation of strong ground
motion from the mainshock was described by Somerville and Yoshimura (1990). We have updated
that study using a detailed rupture model of the Loma Prieta earthquake derived by Wald et al.
(1990). A record section of recorded accelerograms was compiled using all accelerograms to the
north of the epicenter (i.e. in the San Francisco Bay region) that have known trigger time (Figure
3, left side). The recordings are from a variety of site conditions, as annotated in the figure and
discussed further below, and are copies of film records published by Shakal et al. (1989) and Maley
et al. (1989). On the right side of Figure 3, we show a profile of accelerograms simulated using
the procedure described by Wald et al. (1988). The simulated accelerograms were generated using
a crustal structure model having a surface shear wave velocity of 1 km/sec, appropriate for soft
rock or stiff soil conditions.

At distances beyond 50 km, the onset of the largest accelerations at each station coincides
with the arrival time of the critical Moho reflection S,;S in both the recorded and simulated
accelerograms. The moveout of this onset with distance follows the S,;S arrival time curve and
not that of direct S. The duration of strong motion following the S, S arrival time curve is about
5 seconds, which is compatible with the 6-second duration of the source observed teleseismically
(Nabelek, 1990; Kanamori and Satake, 1990). Both the recorded and synthetic accelerogram profiles
suggest that, beyond about 50 km, the peak accelerations are associated not with the direct upgoing
shear wave (S) but with the shear wave that has been critically reflected from the Moho (S,,,S).

The average horizontal peak accelerations of the simulated accelerograms show a trend similar
to that of the recorded accelerograms, as demonstrated in Figure 4(a). In this figure, the northerly
profile of stations of Figure 3 has been augmented by stations that lie within 30 km of the epicenter.
The peak accelerations attenuate normally to about 40 km, but then do not attenuate further until
reaching an epicentral distance of 80 km. While site conditions are presumably responsible for the
larger amount of scatter in recorded peak accelerations (compared with the simulated ones) at a
given distance, it does not appear that site conditions explain the overall lack of attenuation between
40 and 80 km in both the recorded and simulated values. Instead, it appears that the shape of the
attenuation curve is due to critical reflections, with the scatter of recorded peak values about this
shape attributable in part to local site effects. The standard error of the simulations in predicting
the observed response spectra is shown in Figure 5 for near-source and distant stations.

1987 WHITTIER NARROWS EARTHQUAKE

A northerly profile of strong motion recordings of the 1987 Whittier Narrows earthquake
having absolute times was compiled (Figure 6, left side), and a corresponding profile of synthetic
seismograms was generated using the reflectivity method (Figure 6, right side). As seen
teleseismically, the Whittier Narrows earthquake had a brief but complex source function consisting
of a small event followed one second later by a larger event (Bent and Helmberger, 1988). In the
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distance range of zero to 20 km, the peak velocity is associated with the time of the direct S arrival
from this later event in both the recorded and synthetic seismograms. However, beyond about 37
km, large arrivals also occur in the data at times corresponding to reflections from the lower crust
(the mafic and Moho layers); the synthetic seismograms show that the Moho reflection becomes
critical at about 70 km. For example, at Lancaster, which is at 70 km, the reflections from the
lower crust produce significant ground motion amplitudes in both the recorded and synthetic
seismograms. The amplitudes of the reflected arrivals increase with distance, until at Rosamond
(at a distance of 86 km) the largest arrival has the time of the critical Moho reflection, and the
amplitude of the direct arrival is relatively small. Thus ground motion amplitudes beyond the
critical distance are controlled by critically reflected waves, causing the peak acceleration to have
very gradual attenuation in the distance range of 50 to 90 km (Figure 4(b)).

An analysis of the attenuation of the entire set of strong motion recordings of the Whittier
Narrows earthquake was made by Campbell (1988). His plots of residuals in peak acceleration for
deep soil and hard rock are shown in the top and middle panels respectively of Figure 7. For both
data sets, the residuals are predominantly negative in the distance range of 30 to 60 km, become
zero on average at about 70 km, and are positive between 80 and 110 km. This indicates that the
functional form that he used to model the attenuation of the Whittier Narrows data does not fit
the data. The derived attenuation relation overpredicts the data by about one to two standard
deviations in the distance range of 30 to 60 km, and underpredicts the data by a similar amount
in the distance range of 80 to 110 km. This consistent with the expected effect of critical reflections
on the attenuation of strong ground motion. A similar pattern of residuals was obtained for rock
site recordings of the 1989 Loma Prieta earthquake (Boore et al., 1989), as shown in the lower
panel of Figure 7. Here, the crossover from negative to positive residuals occurs at a closer distance
(about 45 km compared with 70 km). This is what we would expect from the shallower depth of
the Moho beneath the Loma Prieta earthquake (25 km) compared with the Whittier Narrows
earthquake (32 km); the two events have comparable centroid depths of about 13 km. In both
cases, the crossover distance corresponds to the critical distance for the Moho reflection.

SUMMARY OF EFFECTS ON GROUND MOTION ATTENUATION IN CALIFORNIA

We have analyzed profiles of accelerograms from five additional large California earthquakes.
For the older events, the strong motion recordings did not have absolute time, and so it is more
difficult to identify critical reflections in these recordings. Also, for the larger events, the source
duration is sufficiently long that it obscures the individual phases that we are trying to identify.
Nevertheless, we find evidence of critical reflections (in large, late wave arrivals that may be S_S,
and in the flattening of attenuation curves along specific profiles) in most of the events studied:
the 1968 Borrego Mountain earthquake; the 1971 San Fernando earthquake; the 1983 Coalinga
earthquake; and the 1986 North Palm Springs earthquake. This suggests that critical reflections
may influence the attenuation of strong ground motion throughout California.

A contour map of crustal thickness in California is shown in Figure 8 (Mooney and Weaver,
1990). In the region of the San Andreas fault system extending from north of the Transverse
Ranges to north of the San Francisco Bay area, the depth to the Moho is 25 +/- 1 km. In the
region south of the Transverse Ranges, including almost all of southern California, the crustal
thickness is 30 +/- 2 km. The relatively uniform crustal thickness in each of these regions, and
the significant contrast in crustal thickness between them, suggests that there could be differences
in ground motion attenuation between these two regions. Specifically, for a given focal depth, the
effect of critical reflections should occur at closer distances and be larger in northern California
than in southern California, as suggested by the residuals for the Loma Prieta and Whittier Narrows
earthquakes discussed above. As a rule of thumb, we expect that the distance at which the
attenuation curve for a given earthquake begins to flatten can be estimated from the critical distance
of the S.,S phase, which can easily be calculated from the crustal structure and the focal depth of
the earthquake.
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Figure 1. (a) Schematic model of wave propagation in central California showing the direct S
wave and S waves reflected from the Conrad and Moho interfaces. (b) Schematic attenuation
of individual rays in the wave propagation model shown in (a).
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Figure 2. Profiles of recorded (left) and synthetic (right) tangential velocity of the 1:30 am,
November 5 aftershock of the 1989 Loma Prieta earthquake, compiled using epicentral
distance and a travel time reduction of 3.5 km/sec, and normalized to peak value. Travel
time curves for the direct S, Conrad reflection (S.S, 18 km depth) and Moho reflection (S.;S,
25 km depth) phases are shown. USGS station abbreviations are annotated on right side of

traces.
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Figure 3. Profiles of recorded (left) and simulated (right) accelerograms of the 1989 Loma Prieta
earthquake, compiled using epicentral distance and a travel time reduction of 3.5 km/sec,
unnormalized. Travel time curves for the direct S, Conrad reflection (S.S, 18 km depth) and
Moho reflection (S,,S, 25 km depth) phases are shown. Soil conditions are annotated on
recorded accelerograms, and CSMIP (and USGS in parentheses) station numbers are annotated

on simulated accelerograms.
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Strong shaking directions
from the 18 October 1989 Loma Prieta earthquake
and aftershocks in San Francisco and Oakland

John E. Vidale
United States Geological Survey, Menlo Park

and

Ornella Bonamassa
University of California at Santa Cruz

Abstract

The direction of strong shaking observed at 13 California Division of Mining and -
Geology sites across San Francisco and Oakland at frequencies less than one Hz
roughly agrees with a prediction calculated from the well-determined long-period
focal mechanism. The directions of shaking at frequencies higher than one Hz,
however, show little resemblance to the simple prediction, suggesting that the near-
surface geology interacts with the higher frequency seismic waves in a complicated
way. This interpretation is reinforced by the observation that aftershocks recorded at
the CDMG sites show similar directional effects from earthquakes with a variety of
mechanisms. This propagational complication suggests that the focal mechanism
does not determine the direction of strongest shaking in an earthquake at this range
of about 100 km at frequencies above about one Hz.

Introduction

The motion that an earthquake causes at the surface of the Earth is a combination
of the details of the faulting at depth and the complications due to propagation
through structures within the Earth of the seismic energy released by the faulting.
Various ways of measuring the seismic source and propagational complications
have been described. There exists considerable literature that documents the
usefulness of the concept of a site response, where a particular site has a fixed set of
frequencies which are amplified at that site no matter how the how the ground
motion is induced (Joyner et al., 1976, Rogers et al., 1984, Borcherdt, 1970, Joyner et
al.,, 1981). Seismic wave interaction with large-scale structures such as major
sedimentary basins can be described deterministically; these structures can be shown
to distort seismic waves in a semi-predictable way (Vidale and Helmberger, 1988,
Kawase and Aki, 1989, Kagami et al., 1986). Bridging the gap between well-
understood large-scale structures and fine structure where only the amplitude
versus frequency behavior has been studied is the goal of considerable recent
research.
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This paper will concentrate on empirically quantifying the distortion to the
direction of strongest shaking caused by earth structures, since it has been suggested
that the direction of shaking is sometimes a feature of the recording site (a
directional site resonance) rather than the earthquake (Vidale et al.,, 1991,
Bonamassa et al., 1991, Bonamassa and Vidale, 1991). These and other observations
of horizontal ground motion above one Hz frequency (Chouet, 1989, Abrahamson et
al., 1989) show very small lateral correlation distances, less than 10's of meters for
frequencies above a few Hz. Also, comparisons of seismograms written by surface
and borehole instruments have shown that propagation through the shallowest 10's
of meters of the Earth can severely distort seismic pulses (Haukkson et al., 1987,
Malin et al., 1988, Aster and Shearer, 1991).

While the near-surface layers of the earth appear to scramble high-frequency
waves, at long periods the Earth often affects seismic waves in a predictable way that
may be stripped off to study the earthquake source. This paper focuses on finding
the transition frequency where earth structure, and mainly near-surface geology,
begin to obscure the signature of the seismic source at the range of 100 km. We will
find a transition frequency near one Hz.

Data

The Loma Prieta earthquake of 18 October 1989, often and perhaps more
appropriately called the Santa Cruz Mountains earthquake, was the largest to strike
the San Francisco Bay area since 1906. It caused considerable damage and loss of life.

On the positive side, this earthquake was captured by more than a hundred strong
motion seismometers, producing an unprecedented opportunity to investigate
details of the earthquake and earthquake hazards in general. Numerous
investigators are reconstructing the spatial and temporal patterns of fault
movements during the 5 to 10 seconds it took for the earthquake to occur (Loma
Prieta source references, 1990).

This paper will concentrate on observations of the effect of earth structure on the
seismic waves radiated by the earthquake. To achieve this end, we examine the
Loma Prieta mainshock records of 13 accelerometers located near San Francisco.
The regional setting is shown in Figure 1. The seismometers are spread across San
Francisco and Oakland, as shown in Figure 2. The station numbers, names,
locations, and geologic settings are given in Table 1. These are all free-field,
basement, or first floor installations, and all except station 480 are in two- or fewer
story structures. The recordings, which were originally captured on film, have been
digitized and disseminated by the California Strong Motion Instrumentation
Project, managed by the California Division of Mines and Geology.

This data is well-suited for analysis of seismic wave propagation because of the
large size of the Loma Prieta mainshock and the close spacing of the instrument
sites relative to the distance to the earthquake. The large size of the earthquake
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generated sufficient long-period seismic energy that ground motion at least down to
0.2 Hz (5 seconds period) were reliably measured by the strong motion instruments.
Similar periods were recovered from the 1971 San Fernando earthquake, but fewer
instruments were deployed at that time. The Whittier Narrows earthquake was
recorded at a comparable number of stations, but strong motion recordings of the
ML 5.9 quake did not have recoverable energy at less that 0.5 Hz. This group of 13
stations lies within 20 km by 10 km area, but is 60 to 100 km from the fault plane
that broke as estimated from aftershocks (Oppenheimer, 1990). Consequently, the
stations only span about 10 to 15° in azimuth from the earthquake, and the signal
that would be recorded across these stations would be similar in the absence of
structural complications, particularly in their direction of shaking.

The similarity of the motions at long period shown below agrees with reflectivity
simulation (Muller, 1985) with a simple source. The oblique thrust mechanism of
the Loma Prieta earthquake produces a large pulse of shear wave energy on the
transverse component, and little motion on the radial and vertical components of
motion at this azimuth and range, which is close to directly along the San Andreas
fault. A simple two-layer crust over Moho model was assumed in our calculation.
A more complicated earthquake, extending ten's of kilometers, as the Loma Prieta
event probably did (Loma Prieta source references) would produce more
complicated radiation, but it still would maintain a similar, simple particle motion.
The primary variation in particle motion across the array seen in Figure 3a is the
rotation of the transverse direction of motion clockwise as one considers the
stations progressively towards the east. The large transverse pulse, which can also
be thought of as an incipient Love wave, dominates all stations, and would appear
for all frequencies considered in this paper.

The observed ground motions show some resemblance to the prediction of the
reflectivity simulation. Figure 3 shows the particle motion directions seen in the
acceleration records in four different passbands. Comparison of the synthetic
particle motion directions with the observed directions shows a simple and
unambiguous pattern: The directions of strongest motions at frequencies less than
one Hz shown in Figure 3a (as well as the passbands 0.1 to 0.2 and 0.2 to 0.4 Hz,
which are not shown) generally agree with the direction expected from the
simulation and the directions at frequencies above one Hz shown in Figures 3b, ¢
and d show directions of shaking that bear little relation to the direction expected.

Aftershock recordings at the CDMG sites allow us to check whether the deviations
from the particle motion predicted from the mechanism are repeatable and perhaps
predictable, as the examples appeared to be in Vidale and Bonamassa (1991) and
Bonamassa et al. (1991). The USGS deployed GEOS aftershock recorders at 18 CDMG
sites, allowing us to compare strong and weak particle motions. We present only a
comparison of the mainshock with one aftershock at station 131 in Figure 4. This
aftershock is located underneath the peninsula, and thus has quite a different path
and angle of incidence to the station than the mainshock. The primary direction of
motion in each passband is similar, and the directions of the largest motions are in
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various directions. The results suggest that the polarization features seen in Figure
3 are persistent. We also draw a similar conclusion from examination of 5 more
aftershocks and one additional station, but space limitations preclude presentation
of that data here.

Some caveats must be noted. Time domain information has been suppressed in
this presentation, so it remains possible that the initial S wave arrivals exhibit the
polarization direction expected from the focal mechanism even at high frequencies
as has been observed by Bonamassa and Vidale (1991) and has also been observed for
P waves by Menke (199?). Individual stations may record bizarre phenomenon; for
example, Treasure Island (Station 117) underwent liquefaction near the CDMG site,
Cliff House (Station 132) is situated on steep topography (Borcherdt, 1990), Oakland
(Station 472) is located on a wharf that may be subject to water waves in the bay, and
Oakland (Station 480) is placed in the basement of an 18-story building that may
sway. Despite these potential outliers, the pattern is quite consistent across the array
of strong motion stations.

Conclusions and Unanswered Questions

This relatively dense array of strong motion stations has provided one of the best
fairly broadband (0.1 to 5.0 Hz) glimpses to date of the seismic wavefield generated by
a large earthquake less than 100 km distant. The transition from particle motion
that indicates source character to particle motion that is strongly affected by
propagation through the Earth clearly takes place around 1 Hz. This highly variable
high-frequency polarization is consistent with most previous studies; Vidale et al.
(1991) and Bonamassa and Vidale (1991) see similar gross distortion of the 2 to 20 Hz
seismic waves, probably caused by near-surface geology. As mentioned above,
comparisons of seismic waves recorded on the surface and in boreholes have
documented the scrambling effects of the near-surface (Aster and Shearer, 1991,
Haukkson et al., 1987).

The coherence below 1 Hz is also consistent with previous work. Trifunac (1988)
showed that the 0.5 to 1.0 Hz seismic waves generated by the Whittier Narrows
earthquake were fairly coherent. Helmberger and Liu (1985) have done a similar
exercise at a closer range of 5 to 20 km, with a comparable transition from source to
structural domination of two Hz. Innumerable local, regional, and teleseismic
earthquake source inversions have invariably proceeded on the assumption that
seismic waves interact with Earth structure that is a stack of layers in the most
complicated case, and source studies often interpret seismic energy up to frequencies
near 1 Hz as indicating details of rupture propagation.

In contrast, Ebel (1988) finds that the 10 Hz particle motions of small earthquakes
sometimes do reflect the focal mechanism. His study is in the stable craton in
Germany, however, so perhaps the confounding effect of the near surface is
strongest in active tectonic regions like California, where all the other cited works
were sited.
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The question that remains is: What geologic structures scramble the high-
frequency polarization characteristics? The low spatial coherence suggests shallow
structure, the borehole studies suggest shallow structure, and to the extent that
common sense applies, the observation that the near surface is the least
consolidated and most highly variable volume along the seismic ray path suggests
that the structure lie near the surface. Candidates for these near surface structures
include surface topography (Bard and Gariel, 1986, Kawase and Aki, 1989) and
topography on the soil rock interface (Bard and Tucker, 1985). Candidate for wave
interactions include focusing through seismic velocity gradients acting as lens (Rial,
1989, Langston and Lee, 1983), body-wave to surface-wave conversions at sharp,
laterally heterogeneous velocity contrasts (Bard and Gariel, 1986, Vidale and
Helmberger, 1988, Kawase and Aki, 1989), energy that becomes trapped and
reverberates between high contrast interfaces (Novaro et al., 1990).

The task remaining is the construction of simulations with methods like three-
dimensional finite differences (Frankel et al., 1990) that reproduce to complexity we
observe in the seismic wavefield using realistic velocity models. This task also
relies on the equally difficult chore of accurately estimating realistic three-
dimensional velocity models of the near surface.

It is important to learn the processes affecting high-frequency seismic waves for
earthquake hazard mitigation, earthquake source determination, and seismic array
design goals. So far, our 3-D site characterization is empirical, not based on an
understanding of the physics involved. Clearly, optimal high frequency seismic
arrays that aim to study seismic sources will minimize the interference from earth
structures. Earthquake source inversions must allow sufficient variance in the
solutions to withstand the randomization of the high-frequency waves by structure.
Finally, site characterization for seismic hazard mitigation might become a more
precise science when phase as well as amplitude information is incorporated into
predictions of shaking in future earthquakes.

Table 1 - Location of thirteen CSMIP stations used

Name Location Near-surface geology
043 Point Bonita 2 m of broken rock, sandstone
117 Treasure Island Fill
130 SF - Diamond Heights Franciscan chert
131 SF - Pacific Heights Franciscan sandstone, shale
132 SF - Cliff House Franciscan sandstone, shale
151 SF - Rincon Hill Franciscan sandstone, shale
163 Yerba Buena Island Franciscan sandstone
22 SF - Presidio Serpentine
24 QOakland - 2-story building Alluvium
338 Piedmont - Jr. High Weathered serpentine
471 Berkeley - LBL Thin alluv. on shale, siltstone
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472 Oakland - outer harbor wharf Bay mud
80 Oakland - 18 story bldg. Fill over bay mud

Table 2 - The aftershock presented

Origin time Lat. Long. Depth Mag.
301 8:35 37° 42’ -122° 33" 9.6 km 25
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Figure 1. Location of the area of this study in relation to the aftershock zone of the 18
October 1989 earthquake. This study area is shown in more detail in Figure 2.
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Figure 2. Location of the 13 California Strong Motion Instrumentation Program stations
whose recordings are used in this paper. The name and surficial geology of each station are
given in Table 1.




SMIP91 Seminar Proceedings

-pairdde a1em Iayjy yHomanng ajod sa1y) e Jo sassed oML, 'zl 39 01 T'€
woyy pueqssed a3 Ul (p) ZH '€ 03 9T woyy puegssed a3 UL (9) ZH 9] 0} 80 woy pueqssed oy up (q)
‘(pouad puooss Gz 03 6z'L) ZH §°0 03 0 Woyy pueqssed ay3 U (e) > enbyires epUJ BWOT 6861 2GOPO
81 34} JO [ 9[qe] uI pajsi suonels ¢ Y} JO SUOReAIRS]O 10 swerdelp uogow apnreg ‘¢ amSig

UOTIOJA 9dIHe ] ZH $'9 03 7'¢
(-4

Keg
02SDURIL] Ueg

0odsuely ueg

puepeQ

UOLIOA o]o1IeJ ZH 9°1 03 8°0

Aeg
0DSDUEL] Ueg

odspuen] ueg

Aeg

00spURL] Ueg 00SDURL] Ueg

Keg

OospueL] Ueg 00SDURL] Ueg

3-9



SMIP91 Seminar Proceedings

Mainshock Aftershock

-

04t00.8
Hz

T East _".
North -

0.8to 1.6

1.6 to 3.2

3.2t06.4

Figure 4. Comparison of weak and strong motions for mainshock and
aftershock (Table 2) for all passbands at station 131.
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ABSTRACT

Present procedures of defining seismic design forces are based on the use of elastic spectra
reduced by a response modification factor which only depends on the type of structural system. This
paper summarizes the results of an analytical study concerning strength reduction factors. Strength
demand and strength reduction spectra were computed using simplified elastic and inelastic bilinear
SDOF structural models and 36 ground motions recorded during the 1989 Loma Prieta earthquake.
Special emphasis was given to the influence of local site conditions. Results show that strength
reduction factors are significantly affected by the level of inelastic deformation, the period of vibra-
tion and by local site conditions.

INTRODUCTION

While current building codes accept structural damage in the event of a major earthquake, the
estimated loss of 10 billion dollars produced by the 1989 Loma Prieta earthquake was not expected

and was beyond what could be considered as an acceptable damage during moderate earthquake
ground motions.

The procedure now commonly used is to design for lateral forces that are obtained from reduc-
ing a Smoothed Linear Elastic Design Response Spectra, SLEDRS by a force reduction factor
referred as either a response modification factor, R, in the National Earthquake Hazard Reduction
Program (NEHRP) [1] and the Applied Technology Council (ATC) [2] design recommendations, or
as a system performance factor, R, in the 1988 Uniform Building Code [3]. There is no rational
procedure from which the recommended factors have been derived and, as presently specified, they
are empirical and only dependent on the type of structural system, thus, assuming that force reduc-
tions are the same regardless of the period of vibration or the local site conditions. By using this
procedure combined with present methods of allowable stress design used in steel structures and of
the method referred as strength method used in reinforced concrete structures codes may lead to con-
servative or unconservative design for the maximum credible event, depending on the type of struc-
ture (i.e. the response modification factor that is used).

While the rational way to design should be based on the use of Smoothed Inelastic Design
Response Spectra, SIDRS, derived from statistical studies of inelastic response spectra of all possible
critical earthquake ground motions that might occur at the structure site, at present, most of the prac-
ticing structural engineers are not familiar with the derivation and use of such SIDRS. Most
designers prefer to obtain the seismic design forces through the use of SLEDRS and the use of
response modification factors. Therefore based on the information that has been gathered from recent
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earthquakes, it is of primary importance to be able to specify more reliable SLEDRS and to derive
more reliable values for the response modification factors.

Previous studies have investigated strength reductions due nonlinear behavior, however, the
effect of local soil conditions has not been taken into account or the study has been limited to only
one type of soil conditions [4,5,6]. The main objective of this investigation is to improve the under-
standing of strength reduction factors through the use of ground motions recorded during the 1989
Loma Prieta earthquake and simplified elastic and inelastic bilinear single-degree-of-freedom, SDOF,
structural models.

STATISTICAL STUDY ON THE RESPONSE OF SDOF SYSTEMS

Selected Ground Motions: A total of 36 ground motions recorded during the October 17, 1989
Loma Prieta earthquake. The selected ground motions are listed in Table 1. They were obtained at
recording stations with epicentral distances between 7 and 100 km and site conditions and geologic
conditions that range from rock to soft clayey soils (bay mud). Additionally, strong ground motions
recorded in previous earthquakes were used to compare the results to those obtained using Loma
Prieta data. The following records were used for this purpose: El Centro (1940 Imperial Valley),
Taft (1952 Kern County), Sendai (1978 Miyagi-Ken-Oki), James Road (1979 Imperial Valley), Llol-
leo (1985 Chile), SCT (1985 Mexico), San Salvador (1986 El Salvador), and Colonia Roma (1989
Acapulco, Mexico). The ground motions were classified into three groups according to the geologic
conditions at the recording station. These groups were rock, alluvium and very soft soil.

Results from the Statistical Study: Constant ductility nonlinear spectra were computed for all
records in each soil group. Strength demands for each record were then normalized using peak
ground acceleration (PGA). Details on the procedure used to compute the constant ductility non-
linear spectra can be found in Ref.7. For ground motions recorded on rock or alluvium sites, non-
linear spectra were computed for a fixed set of 50 periods between 0.05 and 3.0 seconds. In the case
of ground motions recorded on very soft soil, spectra were computed for a fixed set of 50 ratios of
T/Tq, where Tg is the predominant period of the ground. The reason for using T/T g instead of T is
that Tg can have large variations depending on the shear wave velocity of the soil and the depth of
the soft deposits. For statistical analyses of spectra it makes no sense to average spectral ordinates
at a certain period for ground motions with significantly different predominant periods. For structural
design purposes, it is important to characterize the seismic demands on structures with periods
shorter, longer or near the predominant period.

In this study the predominant period was computed as the period corresponding to the max-
imum spectral velocity ordinate. It can be shown that essentially the same predominant period would
be obtained if the Fourier amplitude spectrum or the input energy spectrum are used instead of the
velocity spectrum because of the relationship between these three spectra.

Computation of constant ductility response spectra involves iteration on the yielding strength of
the system. The iteration is successful when the computed ductility reaches the specified (target)
ductility within a certain tolerance that can be specified by the user. In this study, ductilities were
considered satisfactory if they were within 1% of the target ductility. The displacement ductility ratio
is defined as the ratio of the maximum absolute value of the displacement response divided by the
yield displacement of the system,
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The following values of ductility were selected for this study: 1 (elastic), 2, 3, 4, 5 and 6. Details
on the procedure used to compute the constant ductility nonlinear spectra can be found in Ref.7.
Due to the large computational effort involved in calculating constant ductility nonlinear spectra, the

study was limited to bilinear systems with a post-elastic stiffness of 3% of the elastic stiffness and
with a damping ratio of 5% of critical.

Inelastic strength demand spectra normalized with respect to the maximum ground acceleration
M= Cy/inigrlmx / g) for the six ground motions representative of all three site conditions are presented
in Figure 1. As shown in this figure, spectral shapes for inelastic strength demands differ
significantly from elastic (u=1) spectral shapes. For soft soil records (SCT and Emeryville) and
periods smaller than the predominant period of the site there is a small difference between the
strength demands for ductilities between 2 and 6. This implies that small changes in the strength of
yielding structures in this period range may produce large changes in ductility demands.

The strength reduction factor in a SDOF system undergoing a certain displacement ductility W,

is defined as (=)
p=1
Ru = Cy #))
Cy(l-""“'i)
where Cy(u=1) is the strength demand on a linear elastic system (i.e. the strength required to main-

tain the system elastic) and Cy(p.=p.i) is the strength demand on a nonlinear system undergoing a
displacement ductility w;.

Computed strength reduction factors of six ground motions are shown in Figure 2. For each
ground motion, reduction factors are plotted for displacements ductilities of 6, 5, 4, 3, and 2 (from
top to bottom). Examples of predominant period of 4 soft soil sites in the San Francisco Bay Area
and 2 sites in Mexico City are shown in Figure 3. It can be seen that, even within soft soil sites,
large variations occur in the predominant site period depending on the shear wave velocity of the
different soil layers and total depth of the soft soil deposits.

Mean inelastic strength demands of 14 ground motions recorded at rock sites during the Loma
Prieta earthquake are shown in Figure 4. It can be seen that the shape of the elastic strength
demands (u=1) differs significdntly from the shape of inelastic strength demands, suggesting that the
currently used procedure which accounts for inelastic behavior by specifying a reduced spectra with
the the same shape as the elastic is inadequate. Mean inelastic strength demands of 14 ground
motions recorded at soft soil (bay mud) sites in the San Francisco Bay Area during the Loma Prieta
earthquake are shown in Figure 5. For structures responding elastically and with fundamental periods
that are close to the predominant period of the site experience large amplification of seismic forces.
These large amplifications, however, are significantly reduced when inelastic behavior occurs. For
ductilities larger than 3, inelastic strength demands decrease monotonically with increasing periods.

By comparing the average spectra of ground motions recorded on rock and soft soil it can be
seen that the largest dynamic amplification for elastic response (i=1) is produced for soft soil sites.
These results are different to those reported previously by Seed et al. [8] who computed larger
amplifications for rock and alluvium sites than for soft soil sites. Moreover, the maximum
amplification (with respect to PGA) for soft soil sites computed in that study is nearly 30% smaller
than the maximum amplification computed here. For rock and alluvium sites the maximum
amplifications computed in this study are practically the same as those found by Seed et al. with a
smaller set of ground motions.
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Mean strength reduction factors of 14 ground motions recorded at rock sites during the Loma
Prieta earthquake are shown in Figure 6. It can be seen that strength reductions are by no means
constant as implied by current seismic recommendations. Reduction factors which are based on
assuming that the maximum displacement is the same in elastic and inelastic systems (i.e. Ry=p) is
unconservative in the short period range. Reduction factors which are based from assuming equal
energy in elastic and inelastic systems (Ru=[2p.—1]1/2) are also unconservative in this period range.

Mean strength reduction factors of 14 ground motions recorded at bay mud sites during the
Loma Prieta earthquake are shown in Figure 7. Strength reduction factors in this case are character-
ized by small values for periods smaller than the predominant site period (T/Tg < 1) and by very
large reductions for periods close to the predominant site period. Strength reduction factors are
approximately equal to i for T/T, ratios greater than 2.5.

CONCLUSIONS

Elastic and inelastic response spectra were computed for 36 ground motions recorded during
the Loma Prieta earthquake and 8 ground motions recorded in previous earthquakes. The results
indicate that the shape of the inelastic strength demands differs from the shape of elastic strength
demands. It is concluded that strength reductions produced in nonlinear systems are strongly affected
by the natural period of vibration, the level of inelastic deformation, and the local site conditions.
For soft soil sites, the estimation of the predominant period of the site is particularly important on
the estimation of inelastic strength demands. The use of period-independent strength reduction fac-
tors, as currently specified in many seismic design recommendations, may lead to unconservative
designs.
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EARTHQUAKE EPICTR. PGA
STATION NAME GEOLOGY MAGN. DIRE
DATE DIST.[km] CTION lo's]
CORRALITOS Landslide Loma Prieta 7.4(M - 90 0.47
Eureka Canyon Road deposits | October 17, 1989 | Ms) 360 0.62
SANTA CRUZ Loma Prieta 90 0.41
Limestone R !
ucse oS0N® 1 october 17, 1989 | 1Ms) 18 360 0.43
SAN FRANCISCO Franciscan Loma Prieta 71(M 99 90 0.11
Cliff House sandstone | October 17, 1989 | Ms) 0 0.07
SAN FRANCISCO Franciscan Loma Prieta 74M o7 360 0.05
Pacific Heights sandstone | October 17, 1989 1 Ms) 270 0.06
SAN FRANCISCO ) Loma Prieta 90 0.20
S t ,
Presidio erPentine | october 17, 1989 | 1 Ms) % 0 0.10
SAN FRANCISCO Franciscan Loma Prieta 7.1(Mg) 95 90 0.09
Rincon Hill sandstone October 17, 1989 s 360 0.08
YERBA BUENA Franciscan Loma Prieta 7.1(Mg) 05 90 0.06
ISLAND sandstone | October 17,1989 | '~ ' 'S 360 0.03
CAPITOLA Loma Prieta 90 0.39
i 1
Fire Station Allwvium - 5 rober 17, 1989 | 71 M) ° 360 0.46
HOLUSTER Loma Prieta 90 Q.17
Alluvi .
South & Pine WM 1 ctober 17, 1989 | 1Ms) 48 360 0.36
OAKLAND Loma Prieta 290 0.24
Alluviu 7.4M 92
2-Story Office Bidg. WM 1 october 17, 1989 | 1 Me) 200 049
STANFORD Loma Prieta 360 0.26
i 7.4(M 1
Parking Garage Allvlum - s ctober 17, 1089 | 71 Ms) 5 90 0.22
EMERYVILLE Loma Prieta 350 0.21
B 7.1(M 97
Free Fleld South Yy mud | ctober 17, 1989 M) 260 0.26
EMERYVILLE Loma Prleta 350 0.20
B 7.1(M 7
Free Fleld North 8y mud | 5 ctober 17, 1989 Ms) 9 260 0.22
OAKLAND Loma Prieta 305 0.27
B 7.1(M 5
Outer Harbor Wharf ay mud October 17, 1989 (Ms) ° 125 0.29
TREASURE ISLAND Loma Prieta 90 0.16
] 7.4(M 98
Naval Base Fil October 17, 1989 (Ms) 360 0.10
SAN FRANCISCO Loma Prieta 90 0.33
B 7.1(M 79
Internatlonal Alrport Yy mud | ocrober 17, 1989 Ms) 360 0.23
SAN FRANCISCO Flil over Loma Prieta 7.1(Mg) o5 980 0.13
18-Story Comercial Bidg. bay mud October 17, 1989 s 350 0.16
FOSTER CITY Loma Prleta 90 0.28
Bay mu 7.1(M 63
Redwood Shores ay mud | 5 tober 17, 1989 Ms) 0 0.26

Table 1. Loma Prieta earthquake ground motions selected for this study
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EVALUATING DESIGN PROVISIONS AND ACTUAL PERFORMANCE OF
A MODERN HIGH-RISE STEEL STRUCTURE

Abolhassan Astaneh, Associate Professor
David Bonowitz, Graduate Student
Cheng Chen, Graduate Student

Department of Civil Engineering and
Earthquake Engineering Research Center
University of California at Berkeley

ABSTRACT

The objectives of this project were to study CSMIP records
obtained during the October 17, 1989 Loma Prieta earthquake at a
49-story steel structure and to conduct an investigation of
current structural engineering design procedures related to the
response. The recorded data indicated that the top 6 stories of
the building have experienced much greater drift than lower
floors due to discontinuity of mass and stiffness. The results of
elastic and inelastic dynamic analyses compared to CSMIP records
confirmed validity of many design assumption currently used while
resulting in better understanding of actual behavior of these
modern structures and possible refinement of design procedures.

INTRODUCTION

The California Strong Motion Instrumentation Program (SMIP)
of Division of Mines and Geology of California has many strong
motion recording stations throughout the greater San Francisco
Bay Area. When Loma Prieta earthquake of 1989 occurred, a 49
story instrumented steel high rise in San Francisco was shaken
among many other structures. The building had 18 accelographs
and all instruments recorded more than 120 seconds of valuable
acceleration response of the building. This paper summarizes
important aspects of a study of the response of this building
during the Loma Prieta earthquake and lessons learned.

The building is located in downtown San Francisco and was
designed in 1977-78 and its construction was completed in 1979. A
view of the building is shown in Figure 1. The seismic design
was according to UBC-76 and included modal analysis and response
spectra analyses (3). The floor system consists of 2.5 inch
concrete over a 3 inch metal deck connected to steel framing by
shear studs and puddle welds. The structural framing system
consists of special moment resisting space frames in both East-
West and North-South directions. However, for extra lateral
stiffness, moment frames in narrow direction (N-S) have two bays
braced using eccentric braces. The length of shear 1links in
eccentric braces is about 4.5 feet. The building is supported by
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a 5 feet thick mat foundation which in turn is supported by 150-
200 feet deep composite steel/concrete piles. Figure 2 shows
details of a typical floor and the East-West and North-South
frames.

The building is instrumented by the Strong Motion
Instrumentation Program of California Department of Mines and
Geology of Department of Conservation and has 18 accelerographs
installed at various levels and directions as shown in Figure 3.
During the Loma Prieta earthquake, all strong motion instruments
were activated and all have collected reliable data for more than
120 seconds.

RESEARCH METHODOLOGY
Major phases of the study were:

1. Collect data on geometry, material, non-structural
elements, equipment, dead and live load and any damage.

2. Obtain, process and analyze data recorded by CSMIP.

3. Construct realistic elastic and inelastic computer models
of the structure above the top of foundations.

4. Subject the elastic computer model of the structure to base
excitations recorded during the Loma Prieta earthquake
using ETABS computer program and study the response and
predictions of the dynamic analysis. The ETABS software
represents typical dynamic analysis software used in design
offices today.

5. Subject the inelastic 2-dimensional computer model of the
structure to base excitations recorded during the Loma
Prieta earthquake as well as to scaled-up base excitations.
The objective here was to obtain insight to the inelastic
behavior of the structure during future strong earthquakes.

6. Study the code provisions and seismic design practice used
in design of the building and investigate the adequacy and
accuracy of the current seismic design practice.

7. Formulate recommendations with regard to refining the
existing instrumentation installed in the building.

8. Formulate recommendations that can be used to improve
seismic design practice and code provisions.

RECORDED RESPONSE OF THE BUILDING TO LOMA PRIETA EARTHQUAKE
A. Accelerations
Figure 4 shows time histories of the E-W and N-S components

of acceleration recorded at the 44th floor and at the Basement
"B" level (4). The ratios of maximum peak acceleration of 44th
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floor to basement B were 2.53 in E-W direction and 4.73 in the N-
S direction.

SIGNIFICANT RESULTS

(A report on the study (1) is in preparation which provides
detailed information on the study. Due to space limitations, some

significant results available at the time of this writing are
provided here.

A. Period

Table 1 shows selected periods of vibration of the structure
obtained from the recorded data as well as from various analyses.

Table 1. Selected Modal Periods of Vibration

Mode CSMIP TABS-4 ETABS ETABS N/10 UBC UBC
Number Records (Ref.3) 3-Dim. 2-Dim. Rules 1976 1991
1 6.5X 6.41X 6.54X 6.62X 4.90X 4.70X 4.05X
2 - 5.132 5.092 - - -- -
3 5.0Y 5.00Y 4.70Y 5.14Y 4.90Y 4.00Y 4.05Y
4 2.0X 2.34X 2.35X 2.36X 1.63X -- --
5 -- 1.802 1.722 -— - -- --
6 1.8Y 1.70Y 1.69Y 1.72Y 1.63Y -- --
7 1.3X 1.41X 1.39X 1.39X . 98X -- --
8 -- 1.052 1.012 - - - --
9 1.0X 1.03X 1.00X 1.00X .98Y -- --
10 - .98Y .98Y .99Y -- -- --

NOTES: X and Y indicate modes in E-W and N-S directions
respectively.
T indicates torsional mode.

B. Damping Ratio

A preliminary analysis of the CSMIP data indicated that the
damping during the earthquake was about 1.7 for the N-S braced
frame direction and about 2.0-2.6 percent for the E-W moment
frame direction. However, the results of elastic analyses matched
the recorded data better when a constant critical damping ratio
of 3% was used. In the inelastic analyses, a critical damping
ratio of 2.75 was used.

C. Deflected Shape of the Structure

Figure 5 shows the animated plots of the CSMIP recorded
displacements in the N-S and E-W direction. The motion of the
structure in the N-S direction was dominated by the higher modes
during the first 30 seconds of the motion while ground motion was
being applied. After the first 30 seconds, the vibration of the
structure was dominated by the first mode. In the E-W direction
the motion was dominated by the first mode throughout the
recorded motion. Figure 6 shows drift ratios for N-S and E-W
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directions. As figure indicates, drift ratios for top six stories
in the N-S direction were relatively high compared to the rest of
the structure.

Maximum displacement in the N-S direction occurred after 47
seconds of motion and was equal to 6.45 inches at 44th floor.
The maximum displacement in the E-W dirction occurred during
first 30 seconds and was equal to 10.67 inches at 44th level.

Figure 7 shows a comparison of the displacement histories of
44th floors in the E-W direction obtained from elastic analysis
and CSMIP records. The elastic analysis was done using ETABS and
the structure was modeled as a modern structure would be modeled
in a design office without very refined research oriented
modeling. The comparison shows that predictions of the current
dynamic analyses in design offices for this case were very good
compared to the recorded response.

In order to obtain an understanding of inelastic response of
the structure, two inelastic 2-dimensional time history analyses
were conducted. In one analyses, acceleration time history
recorded at the basement of the building was considered to be a
representative of magnitude 7 earthquake and was used as base
excitation. In the second inelastic analysis, to cause severe
yielding, the amplitude of the Loma Prieta acceleration time
history was multiplied by 2.75 to obtain a base excitation
history that will represent a magnitude 8.3 severe earthquake.

In seismic design of the structure (3) two response spectra
with maximum peak accelerations of .84g and 1.16g were developed
to represent magnitudes 7 and 8.3 earthquakes respectively.
These spectra are shown in Figure 8 along with response spectra
of Loma Prieta record at the building basement level as well as a
spectra corresponding to 2.75 times Loma Prieta record. The
design spectra which were based on the assumption of the rupture
of nearby faults and on the assumption of rock support shows
peaks over the short periods of abouts 0.4 seconds whereas the
Loma Prieta spectra show larger amplifications for longer periods
of about 1.5 seconds.

Figure 9 shows a comparison of the displacement time
histories for 16th and 44th floors due to the Loma Prieta
record, 2.75 time the Loma Prieta and the CSMIP recorded
response. The analyses indicated that the E-W frames remained
elastic during the Loma Prieta earthquake and experienced
inelasticity and plastic hinge formations when subjected to 2.75
times Loma Prieta acceleration records. Figure 10 shows plastic
hinges that formed during the initial 60 seconds of the motion
when the frame on.line "E" was subjected to 2.75 times the Loma
Prieta record of the Basement B.

CONCLUSIONS AND RECOMMENDATIONS

The comparative study of the response data recorded by the
CSMIP and the results of elastic and inelastic dynamic analyses

indicated that:
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1. The currently available design office computer programs
used for 3-D dynanric analyses, adequately predicted the
response of the building to Loma Prieta.

2. The stiffness and mass discontinuities of the top 6 stories
affected the behavior of the whole structure significantly.

3. It appears that the structure will experience hinge
formations and inelasticity during a magnitude 8.3
earthquake, however, maximum displacement of 44th floor in
the E-W direction will be in the order of 27 inches.

4. To capture a obtain a cimplete set of strong motion data, it
is recommended that at least 10 more instruments be added to
this structure to capture E-W response and vertical response
of cantilevers more accurately.
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Figure 1. A View of the Structure
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ABSTRACT

This paper summarizes the interim findings of research examining the
recorded response of three buildings with concrete walls and plywood roof
diaphragms to repeated strong motion events. Observed stiffness
characteristics of the diaphragms are compared for each successive event and
with that predicted by design formula and available data from static tests.
Recorded response of the diaphragms indicates an initial dynamic stiffness
substantially in excess of that predicted by static tests and design formulae.
Damping for these diaphragms is determined to be low, on the order of 5% or
less. Degradation of dynamic stiffness, of highly stressed diaphragms with
large aspect ratios is apparent. However, the observed degraded stiffness of
these diaphragms is still in excess of that predicted by conventional design
formulae. Research was performed under a grant from the California Division
of Mines and Geology.

INTRODUCTION

The use of long span plywood roof diaphragms, with large aspect ratios,
has been common practice in low rise commercial and industrial construction
throughout California and other western states. Commonly used in combination
with tiltup concrete and reinforced masonry walls, these diaphragms are often
heavily loaded and are expected to experience large deformations under seismic
loads. The performance of early structures of this type in strong ground
motion has been poor. Failures occurred in the 1964 Alaska earthquakel, the
1971 San Fernando Earthquake? and the 1987 Whittier earthquake?. These
failures could be attributed to two principal failure modes: 1l- cross grain
tension or flexural failure of the wood framing at plywood margins; or 2-
pull-out failure of the nails through the edges of the plywood.

Subsequently, the Structural Engineers Association of California
recommended* and the Uniform Building Code® adopted detailing provisions
intended to prevent such failures. These provisions included prohibition of
the use of wood framing in cross-grain tension or flexure and requirements for
providing continuous ties across the width of the diaphragms to prevent
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tensile failure. The performance of buildings designed to these more recent
provisions has been substantially improved, however, evidence of secondary
modes of diaphragm degradation have been reported®. Observed damage has
included substantially weakened nailing of the plywood to framing members,
including nail withdrawals as well as edge failures resulting from nails
pulling through the edges of plywood sheets.

Concern has been expressed that typical post-earthquake damage
inspections of these structures may not indicate the presence of such damage
unless it is extreme, and degraded plywood diaphragms may never be restored to
their original condition. This presents a significant potential problem in
zones of high seismicity, where structures may experience several strong
ground motion events in the course of their useful lives, with continual
degradation of their capacity to resist such motions. Buildings in the San
Jose, California region for example have been subjected to strong ground
motion several times over the last 10 years. Events have included the 1979
Halls Valley (M6.0), 1984 Morgan Hill (M6.2), 1988 Alum Rock (M5.5) and 1989
Loma Prieta (M7.1) earthquakes. Although only the latter event could be
considered a major earthquake, it should be remembered that buildings of this
type have seen significant damage in low magnitude events such as Whittier
Narrows (M5.9).

A primary objective of this research is to determine if recordings of
ground motion and structural response for three concrete tiltup buildings with
plywood roof diaphragms, in successive earthquake excitations, indicate any
significant degradation in structural rigidity, as evidenced by their
response. Secondary objectives for this research are to determine if
conventional design assumptions on the stiffness and loadings assigned to
these structures are realistic in light of observed response.

SUBJECT BUILDINGS

The three buildings investigated in this research are a single story
warehouse in Hollister (CSMIP Station No. 47391), a single story gymnasium
structure at the West Valley College in Saratoga (CSMIP Station No. 58235) and
a two story office structure in Milpitas (CSMIP Station No. 57502). Table 1
summarizes the ground motion records reviewed for each building under this
project. The performance of the West Valley College Gymnasium building,
during the 1984 Morgan Hill Earthquake has previously been evaluated by other
researchers®. Due to a delay in obtaining data on the buildings and recorded
ground motions, analysis of all three buildings is not complete as of this
writing. The findings on the studies of the West Valley College Gymnasium, a
single story structure in Saratoga, and the two story Milpitas Office building
will be presented in an additional paper.

The single story Hollister warehouse has overall dimensions of 100 feet
east to west by 300 feet north to south. It is constructed of 6" thick
precast concrete wall panels, with heights of 30 feet and widths varying from
18 to 22 feet. Panel joints consist of cast-in-place pilasters, in which
horizontal panel steel is embedded. The roof is a panelized plywood system
consisting of glulam beams at 18 feet, spanning north to south between the
pilasters and a single row of columns; 4 x 14 sawn timber purlins spanning
east to west at 8 feet; 2 x 4 sub purlins; and plywood sheathing. Plywood at
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the ends of the structure is 3/4 inch thick with 10d nails at 1-3/4" for

boundaries, 3" for discontinuous edges and 12" in the field. The balance of
the plywood sheathing is 1/2 inch thick with nail spacing varied as required
for shear. No interior partitions are present. Figure 1 is a photograph of

the building while Figure 2 indicates the basic construction and instrument
locations.

Anchorage of the precast concrete walls to the roof diaphragm is
accomplished with a double row of nails from the edge plywood into a 3x nailer
along the top of the wall. Nails straddle the line of bolts anchoring the
nailer to the wall and avoid placing the nailer into cross grain tension.
Diaphragm cross ties are provided by Simpson MST hardware across purlin lines
and by bolted splice plates across glulam connections.

ANALYSIS

A code analysis of the Hollister structure was performed to determine the
diaphragm capacity._ Based upon the design provisions of the 1988 Uniform
Building Code (UBC)7, the roof diaphragm has a sufficient capacity to resist a
ZPA earthquake of 0.406g. This equates to an equivalent static lateral design
force of 0.186g. The design lateral capacity of the diaphragm is limited by
the shear in the plywood.

In the Morgan Hill and Hollister earthquakes, the Hollister warehouse was
subject to moderate ground shaking, with PGA’'s of 0.08g and 0.1lg,
respectively in the direction of interest, which is east to west. The east-
west PGA at the site in the Loma Prieta Earthquake was 0.25g. Peak roof
accelerations at the center of the diaphragm, the base of the north wall, the
top of the north wall, and demand-capacity ratios of the roof diaphragm are
presented in Table 2. The Loma Prieta earthquake, with a PGA of 0.25 g,
produced peak horizontal accelerations at the center of the roof (D/C, in
Table 2) over 4 times the code level static design load. Very little
amplification of motion between the ground and the top of the tilt-up walls
(channels 3 and 8) was observed, indicating that the walls are behaving as
rigid bodies. The response of the structure is dominated by the dynamic
properties of the roof diaphragm.

The above behavior is contrary to the typical model assumed by designers
of these structures. UBC design procedures assume that the entire diaphragm
responds at the modified spectral acceleration, taken as ZC/Ry, or 0.458Z,
where Z is the peak ground acceleration, C is the spectral amplification taken
as 2.75 and Ry is a response modification coefficient taken as 6. The
observed behavior indicates a variation in accelerations along the diaphragm
length, starting at nearly Z adjacent to the end walls and peaking at
approximately 3Z at the diaphragm center. This would result in an average
effective spectral acceleration, over the length of the diaphragm, of
approximately 2Z. The column of D/Cy values in Table 2 expresses the
relationship between the average spectral acceleration calculated for the
diaphragm in each event to that implied by code, and is a measure of
overstrength shear demand on the diaphragm.

Data published by the APA indicates that working stress values for
plywood diaphragms incorporate a factor of safety slightly in excess of 4
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against the ultimate strength condition. The code level diaphragm shear
demand of 0.458Z with an APA factor of safety of about 4.2, yields an ultimate
diaphragm capacity of about 1.9Z, which compares favorably with the observed
average response of about 2Z. This indicates that current code design
strength levels for these structures are appropriate.

Plywood diaphragms exhibit highly non-linear behavior®, and therefore
they do not possess a single fundamental frequency, except under low levels of
excitation. However, for a given input motion, a predominant frequency range
can be obtained. A Fast Fourier Transform (FFT) was applied to selected pairs
of acceleration, velocity, and displacement records, from which the
predominant structural frequencies of the roof diaphragm were extracted.
Figures 3, 4, and 5 show representative plots of the frequency versus
acceleration transfer function magnitude for roof and ground records in the
Morgan Hill, Hollister, and Loma Prieta earthquakes, respectively.

Comparing the plots of the acceleration FFT's for the Morgan Hill and
Hollister earthquakes with the plot for the Loma Prieta earthquake, a shift in
the predominant frequency of the roof diaphragm is noted. This indicates a
softening of the diaphragm stiffness. The magnitude of change in predominant
frequency and the associated changes in the relative diaphragm stiffness
between the three earthquakes is presented in Table 3. This degradation or
softening of plywood diaphragms under high loads has been previously noted in
static tests®. Non-cyclical tests of plywood diaphragms have shown them to be
highly non-linear. A substantial portion of this non-linearity can be
attributed to nail slip, a progressive and degenerative process. A
representative load-deflection curve of test on a full size 1/2 inch plywood
diaphragm, showing degradation of diaphragm stiffness with increasing load is
shown in Figure 6.

Plots of acceleration versus displacement at the center of the roof
(channel 4) for the Hollister and Loma Prieta earthquakes are shown in Figures
7 and 8. The acceleration versus displacement plot for the Hollister
earthquake (Figure 7) 1is generally linear, indicating that the diaphragm
remained essentially elastic and suffered no apparent degradation in stiffness
due to the earthquake. This correlates well with the computed D/Cy of 0.93.
The plot for the Loma Prieta earthquake (Figure 8) shows considerable
softening of the diaphragm, as evidenced by the trend towards decreasing slope
in the acceleration versus displacement plot. The magnitude of the change in
diaphragm stiffness is in good agreement with the change in stiffness
predicted by the period shifts observed using the FFT.

In order to compare the computed diaphragm stiffness to the stiffness
actually observed, and to evaluate the accuracy of current methods for
predicting wood diaphragm displacements, a simple linear-elastic finite
element model of the roof diaphragm was constructed. The model properties
were tuned to produce deflections under static lateral load equal to those
obtained using the deflection formula in the 1988 UBC Standard 25-99. For the
purposes of this model, flexural properties were calculated as those produced
by chords consisting of a one-half height strip of the side walls. The
fundamental frequency of this "code” model was evaluated, and found to be 0.83
hertz, less than one half the predominant frequencies observed in both the
Morgan Hill and Hollister events. By increasing the model diaphragm shear
stiffness to 4.5 times the shear stiffness computed per UBC Standard 25-9, a
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fundamental frequency comparable to the predominant frequency observed in the
Hollister and Morgan Hill events was obtained. To match the model fundamental
frequency to the predominant frequency observed in the Loma Prieta earthquake,
it was necessary to increase the diaphragm shear stiffness to 2.3 times the
UBC stiffness.

There are several possible sources for the wide difference between the
observed diaphragm stiffness and that computed by conventional methods.
Principal components of the UBC stiffness calculation are the flexural
contribution of the chords, slip in chord connections (neglected in this
case), elastic properties of the wood membrane, and slip of the nails. In the
current model, flexural effects account for approximately half of the
diaphragm flexibility. In a building with relatively solid and rigid side
walls, such as the Hollister warehouse, conventional simple span assumptions
may be highly inaccurate. Further, elastic properties of the wood membrane
and nail slip values are based upon moderate duration, statically applied
loads. Under short duration dynamic loading, it would be reasonable to expect
stiffer response.

Using the roof diaphragm frequencies obtained from the FFI's and the
recorded peak roof accelerations, the damping of the roof system was estimated
using the ground response spectra prepared by CDMG for each event. 1In all
cases, damping was found to be substantially less than 5% of critical. This
is confirmed by the relatively closed loops observed on the time history plots
of acceleration versus displacement, indicating little hysteretic behavior.

CONCLUSIONS

A study of the earthquake records of the Hollister warehouse for three
successive events has been completed, and is underway for two other
structures. The last event, the Loma Prieta earthquake, produced peak
accelerations in the center of the diaphragm over 4 times the psuedo-static
design acceleration. Based upon the available data, the following
observations were made:

o In the Loma Prieta earthquake, the roof diaphragm of the Hollister
warehouse showed a marked decrease in stiffness, when compared to
its performance in the more moderate Morgan Hill and Hollister
events. However, the degraded stiffness of the diaphragm was
still several times greater than that predicted by conventional
design models.

o Peak ground accelerations experienced by the Hollister warehouse
in the Loma Prieta earthquake were approximately 65% of the
nominal design basis of 0.4g. Diaphragm performance at this level
was acceptable.

o Conventional design models for structures of this type assume
dynamic amplification in the shear walls and a uniform
acceleration of the diaphragm. Observed response indicates
negligible amplification in the walls and significant diaphragm
response and amplification. Regardless, conventional design
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ppprocedures and force levels appear to provide adequate strength
for the criteria earthquake.

o The method presented in UBC Standard 25-9 for computing
displacement of plywood diaphragms is a poor predictor of the
dynamic stiffness of these structures at working stress levels.
It also appears that actual dynamic displacements during strong
ground motion are substantially over-estimated. Additional data
would be required to evaluate the dynamic displacements of the
diaphragms at ultimate load.
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TABLE 1
SUMMARY OF DATA INVESTIGATED

Building Station Constructed Earthquake PGA
Hollister Warehouse 47391 1979 1984 Morgan Hill 0.06g
1986 Hollister 0.13g
1989 Loma Prieta 0.35g
West Valley College 58235 1971 1984 Morgan Hill 0.1g
1989 Loma Prieta 0.53g
Milpitas 2 story 57502 1984 - 1988 Alum Rock
1989 Loma Prieta 0.1l4g
TABLE 2
BUILDING RESPONSE - TRANSVERSE (EAST-WEST) DIRECTION
Recorded Peak Accelerations (g) D/Ca D/Cy
Event Channel 8 Channel 3 Channel 4 Ratio Ratio
1984 Morgan Hill 0.08 0.09 0.25 1.37 0.93
1986 Hollister 0.11 0.13 0.29 1.58 1.15
1989 Loma Prieta 0.25 0.25 0.79 4.32 2.84

Channel 8 - at grade, North wall
Channel 3 - at roof, North wall
Channel 4 - at center of roof

Code Static Design Force C = 0.183 g

Demand D = peak acceleration, Channel 4

D/C, = the ratio of peak diaphragm acceleration to code design acceleration

D/Cy = the ratio of average peak diaphragm acceleration to code design
acceleration

TABLE 3
OBSERVED CHANGE IN DIAPHRAGM STIFFNESS

Predominant Relative
Event Freguency (hz) Stiffness
1984 Morgan Hill 1.77 1.00
1986 Hollister 1.72 0.94
1989 Loma Prieta 1.23 0.48

Relative Stiffness normalized to that observed in the 1984 Morgan Hill
earthquake.
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ABSTRACT

A procedure was developed for evaluating building code provisions for accidental torsion from analysis of
recorded motions of nominally symmetric-plan buildings during earthquakes. This procedure was applied
to the motions of a three story office building in Richmond (CSMIP station ne 58506), California recorded
during the Loma Prieta earthquake. The results for this particular earthquake show that the prescribed
code accidental eccentricity value of 0.05b predicts reasonably well the torsional effects experienced by the
structure.

INTRODUCTION

Building codes require that the effects of torsion be considered by applying the equivalent lateral forces at a
distance eq from the center of rigidity (CR), resulting in story torques in addition to shears and overturning
moments. The design eccentricity, eq, specified in U.S. codes and design recommendations [1, 2] is of the
form eq = €, £:0.05b, where ¢, is the static stiffness eccentricity—i.e. the distance between the center of mass
(CM) and CR— and b is the plan dimension of the building perperdicular to the direction of ground motion.
The first term, e,, is intended to account for the coupled lateral torsional response of the building arising
from lack of symmetry in plan. The additional 4:0.05b, known as accidental eccentricity, is introduced to
account for eccentricities due to discrepancies between the mass, stiffness, and strength distributions used
in analysis and true distributions at the time of an earthquake; torsional vibrations induced by a rotational
component of ground motion; and other sources of torsion not considered explicitly in analysis.

Most of the research investigations of coupled lateral-torsional response of buildings, including the work
aimed towards evaluating the adequacy of torsional provisions in building codes, have been concerned with
structures with asymmetric plan. Perhaps there are two major reasons. Firstly, buildings with asymmetric
floor plan tend to suffer greater damage. Secondly, the dynamics of asymmetric plan buildings are amenable
to analytical study; elastic as well as inelastic systems have been investigated [3, 4, e.g].

On the other hand, the subject of accidental eccentricity is not amenable to investigation by traditional
analytical approaches. Standard dynamic analyses cannot predict torsion in symmetric-plan buildings. How-
ever, it has been possible to investigate analitically the torsional response of such buildings due to rotational
ground motion [5]. These studies are based on ground motion assumptions which so far have not been verified
for lack of suitable ground motion records. Therefore, analysis of recorded motions of nominally-symmetric-
plan buildings during earthquakes would be the most direct means of developing an understanding of the
torsional responses of such buildings and for evaluation of building code provisions for accidental torsion.
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BUILDING CONSIDERED

Ideal for the purposes of the investigation would be buildings with nominally symmetric floor plans, rigid
floor diaphragms, and negligible soil structure interaction effects, for wich three independent components
of acceleration have been recorded at the ground level and at each floor. A three-story office building in
Richmond, California (CSMIP station ng 58506) satisfies these requirements. Records of motions of the this
building during the Loma Prieta earthquake are available.

A typical framming plan of this steel structure is shown in Figure 1. It consists of moment-resisting
frames 1 and 7 in the Y-direction. Between frame lines 3 and 6, frames A and C are also designed for lateral
load resistance. All other frames with semi-rigid connections are designed to carry only gravity loads.

The floor decking system is formed by a steel corrugated metal sheet filled with lightweight concrete. The
roof deck is lighter but has additional insulating concrete. The foundation system consists of rectangular
column footings interconnected by grade beams. In the Y-direction only footings for columns of frames 1
and 7 are inter-connected.

RECORDED MOTIONS

The locations of the accelerographs in the building are shown in Figure 2. The strong motion records
obtained from the Loma Prieta earthquake are shown in Figure 3. The peak accelerations at the ground
level are 0.083¢ in the X-direction and 0.11g in the Y-direction. These motions were amplified to 0.31g and
0.27g, respectively at the roof level. The building experienced no damage during the earthquake.

The vibration frequencies and shapes of the first mode in the X-direction, the first modein the Y-direction,

and the first torsional mode were determined from the recorded motions. The results are summarized in
Table 1.

STRUCTURAL IDEALIZATION

The building was idealized for analysis by the ETABS computer program, wherein floor diaphragms are
assumed to be rigid and the building mass is lumped at the floor levels. The building was treated as fixed
at the level defined by the slab on grade. Each frame was modeled with appropiate beam-column joints:
moment resistant (or rigid) connections and semi-rigid connections. The latter were divided into two groups:
connections of column flanges with beams were modeled as rigid and connections of column webs with beams
as pinned.

The vibration frequencies and mode shapes of the idealized system computed by ETABS program are
also presented in Table 1. The agreement between these results and the values obtained from the recorded
responses s satisfactory.

DYNAMIC ECCENTRICITY

First, consider the simplest possible problem: a one-story, nominally-symmetric-plan building with a rigid
roof-diaphragm with accelerations a, (t), a(t), and as(t) of the roof recorded during an earthquake (Figure 4).
From these records, a,(t) and ay(t), the z and y acceleration components at the CM, and a4(t), the torsional
acceleration of the diaphragm (Figure 4) can be determined. The associated lateral forces are ma, and may
in the z and y directions, respectively, and the associated torque is I,ag, where m is the mass of the roof, and
I, is the polar moment of inertia of the distributed mass about the CM. These forces are statically equivalent
to each of the following force sets: (1) ma, at the CM and may at eccentricity e, (Figure 5) where

es(t) = Ipaq(t)/may(t) @)
and (2) ma, at the CM and ma; at eccentricity e, where
ey(t) = Ipag(t)/maz(t) 2

The time-dependent quantities e, (t) and e,(t) may be interpreted as the instantaneous accidental eccen-
tricities. They can be computed from the accelerations az(t), ay(t), and ag(t), determined from the recorded
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motions. This approach to evaluate the accidental eccentricities is very appealing as it is based exclusively
on recorded motions and does not require modeling of the structure or estimates of its stiffness properties.
The only structural properties needed are the mass and polar moment of inertia of the roof.

This procedure for one-story systems can be extended to determine the accidental eccentricities for each
floor of a multistory building with rigid floor diaphragms. The shears and torques in the j» story can be

determined by using simple statics from the floor inertia forces which are known from the floor masses and
recorded accelerations.

N
V,,-j(t) = Zm;am-(t) (3)

i:J

N
Vyit) = Z m;ayi(t) 4)

i=j

N
L) = 2_: Ipiagi(t) (5)

Thus the accidental eccentricities at the j** floor are defined by equations (6) and (7).

eri(t) = 72 ©)
() = 722 0

Required in evaluating the accidental eccentricities of a multistory building are the accelerations azi(t), ay:(t)
and ay;(t) at each floor.

From the recorded motions shown in Figure 3 these accidental eccentricities were computed for the
selected building. The results for the first floor are presented in Figure 6 wherein the base shear and base
torque are presented together with accidental eccentricities e;1(t) and ey (t). These computed eccentricity
values grossly exceed the code value of 0.05b intermittently during the earthquake. However, this result does
not imply that the code provisions are deficient because the largest peaks in the eccentricity-time plot are
usually associated with small values of base shear. Therefore, a large value for the accidental eccentricity
by itself is not meaningful and should be considered in conjunction with the instantaneous base shear value;
i.e. the combined effects of shear and torque should be considered in evaluating the code provisions.

STORY SHEARS AND TORQUE

The base shears and torque at each instant of time are given by equations (3) to (5) with j = 1. These forces
were computed for the selected building from its floor floor masses and the recorded accelerations (Figure 3).
Each point in Figure 7a represents the values of V;;; and T at a particular instant of time, similarly V;; and
T, values are presented in Figure 7b.

According to the Uniform Building Code [6] the base shear is given by equation (8) :

ZIC
V=5 wW (8)

For the selected building, estimates of the fundamental periods were obtained earlier from the recorded
motions: Tz = 0.59sec and Ty = 0.76sec. For analysis in the X-direction the code formula leads to a base
shear of V;; = 161.2kips , which combined with an eccentricity of 0.05b where b = 77ft, leads to a base
torque Ty = 621kip — ft. The code values of V;; and T} are identified in Figure 7a; V;; and T; are shown
in Figure 7b. Only the dead weights were included in W in calculating code values of base shear.

In order to evaluate the code accidental torsional provisions, these code forces are amplified by a factor
chosen to increase the base shear value to the peak value of V;1(t) determined from equation (3). The

7-3
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amplified code values are identified in Figure 7a. Each point on the straight line A B represents a combination
of base shear and torque that produces the same member force as the amplified code combination, denoted
by point C (Figure 7a). In particular, point A denotes the value of base shear alone (without any torque)
that produces the same member force. For the selected building the straight lines AB and A’D’ denote
combinations of base shear and torque which produce the same bending moment (and shear force) in column
4 (Figure 1) in the first story. This is the element with the largest bending moment (and shear force) under
the forces corresponding to point C. Straight lines A’B’ and AD denote combinations of base shear and
torque which produce the same bending moment (and shear force) in column 22 (Figure 1) at the first story.
The straight lines AB, AD, A’B’and A’D’ represent ”equivalent” code limits. The corresponding results for
analysis in the Y-direction are presented in Figure 7b.

At a particular time instant the base shear and torque computed from the recorded motions (equa-
tions (3) to (5), represents a point on the base shear-torque diagram. A point outside the ”equivalent” code
region represents a combination of base shear and torque which, together with the code specified heightwise
distribution of lateral forces, produces member forces in the first story column 4 wich exceed the amplified
code forces associated with point C. Such a condition would suggest that the accidental eccentricities should
be increased beyond the code specified value of 0.055. For the selected building and recorded motions all
combinations of Vy;-T; and V;; - T}, except the one denoted by a, fall within the ”equivalent” code limits
(Figures 7a and 7b). This one point falls only slightly outside the ”equivalent” code limit indicating that
the accidental eccentricity of 0.05b seems satisfactory.

For the particular recorded response of this building during the Loma Prieta earthquake, the torsional
effects are so small that it may not be necessary to consider accidental eccentricity at all. Figure 7 indicates
that only a couple of points fall outside the ”equivalent” code limit with zero accidental eccentricity.

MEMBER FORCES

Additionally, the member forces associated with the recorded motions can be compared with those
resulting from the amplified code forces defined earlier. At each time instant during the earthquake, the
member forces are determined by static analysis of the building , using the ETABS computer program,
subjected to the floor inertia forces mjaz;(t), mjay;(t) and I,jag;(t). The results of such static analyses are
plotted in Figures 8 and 9, where the shear force and bending moment in the first story columns 22 and 18
are presented. Also shown is the member force associated with the amplified code forces defined by the base
shear-torque combination of point C in Figure 7. It is seen that the column 18 forces during the earthquake
remain below the amplified code values. The same is true for column 22 forces, except for one peak (This
peak corresponds to point a in Figure 7). Even at this peak the actual member force exceeds the amplified
code value only slightly. Thus the accidental eccentricity of 0.05b seems to be satisfactory in representing
the torsional response of the building during the Loma Prieta earthquake.

Also shown in Figures 8 and 9 , are the member forces associated with the amplified code forces modified
for zero accidental eccentricity. These lower values are slightly exceeded for both columns only by a single
peak, suggesting that the torsional response of this building during the Loma Prieta earthquake is so small
that it may not be necessary to consider accidental eccentricity at all.

CONCLUSIONS

A procedure has been developed for evaluating building code provisions for accidental torsion from
analysis of recorded motions of nominally symmetric-plan buildings during earthquakes. This procedure has
been applied to the motions of a three story office building in Richmond, California recorded during the Loma
Prieta earthquake. It is demonstrated that the code accidental eccentricity of 0.05b seems to be satisfactory in
representing the torsional motion of this building during this particular earthquake. Furthermore it appears
that the accidental eccentricity need not even be considered in this case. Because the building analyzed is
almost perfectly symmetric, these conclusions may not apply to all nominally-symmetric buildings for which
the code accidental eccentricity is intended.

7-4
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Englewood Cliffs, N.J., 1971.

[6] Uniform Building Code. International Conference of Building Officials (ICBO), 1988.

X-lateral mode Y-lateral mode Torsional mode
Recorded | Computed | Recorded | Computed | Recorded | Computed
Frequency 1.317 1.321 1.672 1.657 2.242 2.212 -
(Hz)
Mode Shape

Floor 3 1 1 1 1 1 1
Floor 2 75 73 .69 7 .73 .76
Floor 1 .46 .38 .35 44 42 42

Table 1: Vibration frequencies and shapes of first three modes from recorded motions and computed using
structural model
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TORSIONAL RESPONSE CHARACTERISTICS OF REGULAR BUILDINGS UNDER
DIFFERENT SEISMIC EXCITATION LEVELS

Hassan Sedarat!, Sunil Gupta?, Stuart D. Werner?
ABSTRACT

Torsional response characteristics of three regular buildings in San Jose
and one in Watsonville, California, were studied by analyzing the strong motion
records from three recent earthquakes: 1989 Loma Prieta, 1986 Mt. Lewis, and
1984 Morgan Hill. The story shear forces, torsional moments and dynamic
eccentricities for these buildings during the three earthquakes were obtained
from an analysis of the recorded motions. The fundamental period of vibrations
and damping ratios for these buildings were also estimated for the three
earthquakes. These results were then compared with the provisions of the 1988
Uniform Building Code. This comparison indicates that the provisions of the UBC
may not realistically account for the torsional response of buildings during
earthquakes.

INTRODUCTION

The real response of buildings to ground motion excitations can, in
general, be affected by the coupling of translational vibrations with rotational
vibrations. This coupling may occur because of several reasons, such as the
presence of static eccentricity due to unsymmetrical distribution of mass and/or
stiffness in the plan, and/or accidental eccentricity due to factors such as non-
uniform ground motions across the foundation of the structure, torsional
components in the ground motions, and detailing of non-structural components,
etc. Recent research [1,2,3] on the analytical response of one-story idealized
structures indicates that the lateral-torsional response of a structure dQuring
earthquakes can be much larger than what can be estimated by linear elastic
static analysis. This is mainly due to the dynamic amplification of eccentricity
during strong ground shaking. This dynamic amplification can be more pronounced
for structures with small static eccentricities, i.e., for regular structures.
The current provisions 1988 UBC to account for torsional effects in regular
buildings can, therefore, sometimes be unconservative.

The objective of this investigation is to analyze strong motions recorded
in regular buildings during past earthquakes to study their torsional response
characteristics. In this investigation, the distribution of shear forces,
torsional moments and dynamic eccentricities over the height of the selected
buildings has been estimated for three different levels of excitation during the
1989 Loma Prieta, 1986 Mt. Lewis, and the 1984 Morgan Hill earthquakes. The
fundamental period of vibration and damping ratios are also estimated from the
recorded motions. These response quantities are then compared with the
provisions of the 1988 Uniform Building Code (UBC).

!staff Engineer, Dames & Moore, San Francisco, CA
Associate, Dames & Moore, San Francisco, CA
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DESCRIPTION OF BUILDINGS AND STRONG MOTIONS STUDIED

Four regular buildings in the San Jose and Watsonville area were selected
for this study. These buildings are: 10-story residential, 10-story commercial,
and 13-story government buildings, all in San Jose; and a 4-story telephone
building in Watsonville. The basic structural features, and the motions recorded
in these buildings during the Loma Prieta, Mt. Lewis, and Morgan Hill earthquakes
are summarized in Table 1.

— e e e T e
TABLE 1 - SUMMARY OF RECORDED MOTIONS IN SELECTED BUILDINGS

Peak Acceleration, g

CSMIP Lateral Loma Prieta Mt. Lewis Morgan Hill
Bldg. Location Station Force Earthqueke Earthquake Earthquake
(and type) Number Stories System {1989) {1986) {1984)
Base | Roof | Base | Roof | Base Roof
San Jose (Residential) 57356 10 SW 0.13 1 037 { 004 ] 0.12 ] 0,06 ] 0.22
San Jose (Commercial) 57355 10 SW/MRCF | 0.11 | 0.39 | 0.04 | 0.08 | 0.06 | 0.22
Watsonville (Telephone) 47459 4 SW 0.66 | 1.24 | N.A. N.A. | 0.11 0.33
San Jose (Government) 57357 13 MRSF 0.11 0.36 { 0.04 | 0.32 0.04 0.17
Notes: SW = Reinforced Concrete Shear Wall MRSF = Moment Resisting Steel Frame
MRCF = Moment Resisting Concrete Frame N.A. = Not Available

The selected buildings represent different types of structural systems.
The configurations of these buildings and the location of their lateral loads
resisting elements is fairly regular, except for the 4-story building which has
significant static eccentricity due to non-symmetric location of shear walls.
The selected buildings have relatively rigid in-plane floor diaphragms and all
are relatively well instrumented to allow estimation of the torsional
accelerations and their distribution over the height of the structure.

METHODOLOGY
The following methodology was used for each building:

Step 1: From the information shown on the structural drawings for the buildings
provided by the CDMG, the mass, location of the center of mass (CM), the radius
of gyration, and the mass moment of inertia for each floor of each building were
computed. Relative floor stiffness and the location of the center of stiffness
{CS) for each floor were obtained by simplified hand calculations.

Step 2: The acceleration time-histories at those floors that were not
instrumented were obtained by interpolation using 2nd order polynomial functions.
From the translational accelerations at the two ends of the floor diaphragm, the
rotational and translational acceleration time-histories in the transverse
direction of the building were then calculated at the center of mass of each
floor by assuming rigid floor diaphragm behavior. These were used to calculate

8-2
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the coupled shear force time-histories at the CM and the torsional moment time-
histories about the CS for each floor.

Step 3: In this step, the fundamental period of vibrations, mode shapes and the
damping ratios for the buildings were estimated. For this purpose, a transfer
function was computed as the ratio of the Fourier amplitude spectrum (FAS) of the
roof motions to the FAS of the corresponding ground motions. The FAS transfer
functions exhibited well defined peaks. The fundamental frequency of vibration
in the transverse direction of the building was taken as the frequency at the
location of the first peak and the damping ratio was estimated by applying the
half-power method to that peak. The fundamental mode shape was taken as the
deflected shape of the building at the instant of peak roof acceleration.

Step 4: The estimated fundamental periods, damping ratios, and mode shapes were
used to compute the spectral accelerations and uncoupled lateral forces by
assuming a fundamental mode response. 1In this, the spectral accelerations and
story shear forces at each floor are a function of the modal damping ratios
estimated under Step 3 using the half power method which, as discussed later in
this paper, are probably not fully reliable. For this reason, the spectral
accelerations and lateral forces were estimated for a range of different damping
ratios (2%, 5%, and 10%). The total dynamic eccentricity at each floor was then
obtained by dividing the torsional moment about the CS calculated in Step 3 by
the story shear obtained from the uncoupled lateral forces.

Step 5: The design shear forces and the torsional moments were calculated using
the provisions of the 1988 UBC. Since the buildings selected are fairly regular
and under 240 feet in height, the static force procedure of the UBC was used for
these computations. These values were then compared with those obtained for the
three earthquakes from Step 1 to 4 above. The ratios of the total dynamic
eccentricity as obtained in Step 4, to the total design eccentricity as
prescribed by the UBC were also obtained.

The processed data from the Loma Prieta earthquake for the 13-story government
building was not available until very recently. Therefore, the analysis of this
building for the Loma Prieta earthquake could not be completed at the writing of
this paper.

DISCUSSION OF RESULTS

Fundamental Period of Vibration: The fundamental periods of vibration for the
four buildings as obtained from the FAS transfer functions are summarized in
Table 2 for the three earthquakes. This table also shows the building periods
as obtained from Method A in the 1988 UBC. These results indicate that, except
for the 13-story government building, the building periods predicted by UBC are
25% to 100% higher than the periods estimated from the recorded motions. This
discrepancy was higher for the stiffer 4~story building. This suggests that the
UBC equation for period calculation may sometimes be unconservative when used to
calculate earthquake design forces using the static force procedure. For the 13-
story building, the periods estimated from recorded motions were actually 100%
higher than those given by UBC. These results also show lengthening of periods
for the Loma Prieta earthquake, indicating that the buildings probably
experienced some inelastic deformations during the Loma Prieta earthquake. The
periods obtained here also compared well with those from previous studies [4],
including those utilizing more sophisticated system identification methods [5].
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TABLE 2 - FUNDAMENTAL PERIOD OF BUILDINGS
EARTHQUAKE PERIOD (Seconds)
10-story Residentiat 10-story Commercial 4-story Telephone 13-story Government
Building (E.W.) Building (E.W.) Building (N.S.) Building (E.W.)
Loma Prieta 0.45 0.7 0.22 -
Mt. Lewis 0.42 0.6 N.A. 2.2
Morgan Hill 0.42 0.6 0.21 2.2
UBC 88 0.61 0.74 0.46 1.01

Damping Ratios:

Table 3 summarizes the damping ratios obtained by applying the
half-power bandwidth method to the FAS transfer functions.

For each building,
two damping ratios, corresponding to FAS transfer functions for the motions
recorded at the two ends of the diaphragm, were obtained. A large variation in
the damping ratio so obtained was observed. The damping ratios for the 10-story
residential and commercial buildings also did not agree well with those obtained
for these buildings from system identification methods [S5]. This suggests some
inherent limitations in the half-power method. The unreliability of half-power
method for estimating damping may stem from several factors, such as: the
presence of noise in the measured response; representation of complex energy
dissipation phenomena with a simplified viscous damping ratio; the representation

of actual nonlinear behavior with linear behavior; and, for some structures,

closely spaced modes.

have been pointed out by Beck and Beck [6].

Some of these difficulties in the use of half-power method

TABLE 3 - DAMPING RATIO FOR BUILDINGS
EARTHQUAKE DAMPING (%)
10-story Residential 10-story Commercial 4-story Telephone 13-story Government
Building (E.W.) Building (E.W.) Building (N.S.) Building (E.W.)
Loma Prieta 3.7 t0 9.8 4.1 to 4.6 7t 11 --
Mt. Lewis 5.5 to 8.0 2.6 to 3.3 N.A. 3.4t4,7
Morgan Hill 2.11t0 2.8 2.4t0 2.6 5.1t0 13.9 4.3

Shear Forces: From the time-histories of the story shear forces the maximum
shear forces over the height of all four buildings were obtained. These are
shown in Figure 1. It can be observed that the maximum base shear experienced
by the 10-story Residential building during the Loma Prieta earthquake was about
15% larger than the UBC base shear, whereas, for the Mt. Lewis and Morgan Hill
earthquakes, it was about 62% and 32% smaller than the 1988 UBC base shear. For
the 10-story Commercial building, the total base shear experienced during the
Loma Prieta earthquake was about 59% larger than the UBC base shear. For the Mt.
Lewis earthgquake the total base shear was about 64% smaller than the UBC base
shear, while for the Morgan Hill earthquake it was approximately on the same
order as the UBC base shear. For the 4-story Telephone building, the total base
shear during the Loma Prieta earthquake was observed to be about 144% larger than
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the UBC base shear, while during the Morgan Hill earthquake the total base shear
was about 29% smaller than the UBC base shear. For the 13-story government
building the total base shear forces during the Mt. Lewis and Morgan Hill
earthquakes were 38% and 18%, respectively, smaller than the UBC base shear.

Torsional Moments: The variation of maximum torsional moments over the height
of the three buildings as obtained from the time-histories for the torsional
moments is shown in Figure 2. This figure shows that for the 10-story
residential and commercial buildings and the 4-story telephone building, the
torsional moments during Mt. Lewis and Morgan Hill earthquakes are smaller than
those obtained by using 1988 UBC and are larger for the Loma Prieta earthquake.
For the 13-story government building, however, the maximum story torsional
moments during the Mt. Lewis and Morgan Hill earthquakes were larger than the UBC
torsional moments, even though the maximum story shears during these earthquakes
were smaller than the UBC story shears. This interesting observation indicates
that there is a large amplification in the eccentricity in this building and may
be indicative of strong torsional coupling which probably led to the unusually
long duration of response recorded in this building during the past three
earthquakes. The ratio of the base torsional moments experienced by the
buildings during the earthquakes to those obtained from UBC are summarized in the
Table 4.

— o=
TABLE 4 - RATIO OF COMPUTED EARTHQUAKE TO UBC BASE TORSIONAL MOMENTS
Building 10-Story Residential 10-Story Commercial 4-Story Telephone 13-Story Government
Earthquake
Loma Prieta 1.15 1.64 1.98 -
Mt. Lewis 0.52 0.49 - 1.30
Morgan Hill 0.74 1.00 0.61 1.65

Dynami¢c Eccentricities: As explained earlier, it was difficult to obtain the
real damping ratios for the buildings. Therefore, the total dynamic
eccentricities were calculated for a range of damping ratios: 2%, 5%, and 10%.
The total dynamic eccentricities, as obtained from the analysis of the recorded
motions, include both the dynamic eccentricity and the accidental eccentricity.
The total dynamic eccentricities obtained here were compared with the total UBC
design eccentricities, which in turn consist of static eccentricity and the 5%
accidental eccentricity. The ratios of the total dynamic eccentricity for
different damping ratios to the UBC design eccentricity were also calculated over
the height of each building during the three ground motions and are shown in
Figure 3.

From Figure 3 it can be observed that the maximum amplification of
eccentricity occurs in the first story. The ratios of total dynamic eccentricity
to the total UBC design eccentricity in the first story of each building during
the three earthquakes are summarized in Table S.
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TABLE 5 - RATIO OF FIRST STORY TOTAL DYNAMIC ECCENTRICITY TO THE UBC DESIGN ECCENTRICITY
— —

Building 10-story Residential 10-story Commercial 4-story Telephone 13-story Government

Earthquake 2% | 5% | 10% | 2% 5% | 10% | 2% | 5% | 10% | 2% | 5% | 10%

Loma Prieta 0.98 | 1.07 | 1.18 0.92 1.06 1.14 | 053 | 0.71 | 0.95 - -- -~

Mt. Lewis 1.21 | 1.50 | 1.77 1.87 1.62 1.84 | NAA. | NA. | N.A. | 214 | 2.57 3.39

Morgan Hill 1.13 | 1.25 | 1.41 0.99 1.07 1.16 | 0563 | 0.66 | 0.79 | 1.50 | 2.28 3.54

The information presented in Figure 3 and Table 5 shows that the total
dynamic eccentricity for the buildings during the earthquakes is generally larger
than the total design eccentricity from 1988 UBC. This is especially true for
regular buildings with small static eccentricities. Only for the 4-story
building, which has a high static eccentricity, was the UBC prescribed total
eccentricity observed to be larger than the total dynamic eccentricity. This
observation is consistent with the results obtained from analytical studies of
idealized one-story structures [2,3]. The amplification in the eccentricity was
observed to be especially pronounced for the 13-story government building which
may indicate that this building experienced severe torsion during the past
earthquakes which would not be realistically estimated by the UBC requirements.

CONCLUSIONS AND RECOMMENDATIONS

The CSMIP directed research program for the analysis of strong motions
recorded in structures has provided a unique opportunity to investigate the
actual behavior of buildings during earthquakes, and to assess the adequacy of
current analytical methods and Code design provisions. The present investigation
was undertaken to study the torsional response of four regular buildings by
analyzing the strong motions recorded during the 1989 Loma Prieta, 1986 Mt.
Lewis, and 1984 Morgan Hill earthquakes and to compare them with the provisions
of 1988 UBC. The primary observations from this investigation are summarized
below:

1. The transfer functions of the Fourier amplitude spectra of the recorded
building motions can be used to obtain realistic estimates of fundamental
building period. It is observed that the building periods obtained using
Method A of the UBC may sometimes be unconservative, especially for stiffer
buildings, when used to calculate earthquake design forces using static force
procedure. CDMG's Strong Motion Instrumentation Program has resulted in a
significant data base of recorded motions in different types of building
structures which may be used to make a more comprehensive assessment of the
adequacy of the current provisions in the UBC for the estimation of
fundamental building periods.

2. The real damping in structures cannot be accurately and reliably predicted
using the half power method. This may be due to the representations of
complex energy dissipation phenomenon with a simplified viscous damping
ratio, noise in the recorded motions, and, for some structures, closely
spaced modes.

3. The maximum shear forces estimated in the buildings for the Loma Prieta
Earthquake were generally higher than the UBC prescribed shear forces. The
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maximum shear forces in the buildings during the Mt. Lewis and Morgan Hill
earthquakes were generally smaller than the UBC shear forces.

The torsional moments during the Loma Prieta earthquake were higher than the
UBC prescribed torsional moments for all buildings. For the Mt. Lewis and
Morgan Hill earthquakes, the actual torsional moments in the 10-story
residential, 10-story commercial, and 4-story telephone buildings were
smaller than the UBC. For the 13-story government building, the moments
during these two earthquakes were larger than those obtained from UBC even
though the earthquake shear forces were smaller than the UBC shear forces.

The total dynamic eccentricities as obtained from the analysis of recorded
motions were larger than the total design eccentricities given by the UBC for
all buildings except for the 4-story telephone building. For 5% damping
ratio, this increase in eccentricity ranged from 5% to 60% for the 10-story
residential and commercial buildings. The increase was especially pronounced

. for the 1l13-story government building and was on the order of 150%. This

amplification of eccentricities is most likely due to lateral-torsional
coupling and is consistent with the observations from previous analytical
studies. Many building codes, such as Mexican and Canadian, have recognized
this amplification of eccentricity by requiring that the computed static
eccentricity be multiplied by a factor of 1.5. An amplification of static
eccentricity by using the response spectrum amplification factors has also
been suggested by Newmark and Hall [7]. In the light of these observations,
the provisions of the current UBC, which do not require an amplification in
the static eccentricities, may require further evaluation by performing a
more comprehensive study of the recorded building motions.
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SEISMIC PERFORMANCE INVESTIGATION OF THE HAYWARD-BART
ELEVATED SECTION INSTRUMENTED UNDER CSMIP

Joseph Penzien, Wen S. Tseng, and Ming S. Yang
International Civil Engineering Consultants, Inc., Berkeley, CA

ABSTRACT

This paper presents the results of a seismic performance investigation of the Hayward-BART
elevated section, instrumented by the California Division of Mines and Geology under its Strong Motion
Instrumentation Program (CSMIP), using the acceleration time-histories recorded during the October 17,
1989 Loma Prieta earthquake. The recorded structural responses are correlated with corresponding
theoretically predicted responses. Adjustments of structural parameters and modelling concepts required
to achieve satisfactory correlations are discussed, along with their implications to procedures of standard
engineering practice. Recommendations are made toward improving the arrangement of CSMIP strong-
motion instruments at the Hayward-BART site.

INTRODUCTION

The design of the present Bay Area Rapid Transit (BART) system started in 1963 and continued
over a number of years. The state-of-the-art in the analysis and design of earthquake-resistant
transportation structures has improved significantly since that time. Observing the performances of such
structures during past earthquakes has been a major factor in bringing about this improvement. Most
notably is the San Fernando earthquake of February 9, 1971, during which many elevated freeway
structures collapsed. Following this event, major changes were made to the earthquake code provisions
leading to improved structures form a seismic performance point of view (Ref. 1). As evidence of this fact,
no freeway structures of post-San Fernando design suffered damages during the Loma Prieta earthquake
while many of such structures of pre-San Fernando design were heavily damaged and/or collapsed.

While the BART aerial structures were undamaged during the Loma Prieta earthquake, that fact
alone does not insure satisfactory performance under future moderate to maximum credible earthquake
conditions. Considering that the CSMIP-instrumented section of the Hayward-BART aerial structure
experienced deck-level peak horizontal accelerations as high as 0.60g during the Loma Prieta earthquake,
even though the peak free-field horizontal ground acceleration at the site was only about 0.16g, its
performance under free-field ground motions of two to four times this intensity of shaking is of
considerable concern. Fortunately, the CSMIP recordings of structural response at this site have made it
possible to develop realistic modelling of this structure, allowing not only an assessment of its performance
during the Loma Prieta earthquake but an assessment of its expected performance during an earthquake of
much higher intensity, say 0.70g peak ground acceleration (PGA).

DESCRIPTION OF STRUCTURE INVESTIGATED

The structure investigated under this research program is a three-span, nearly-straight section of
the BART elevated system located immediately to the north of the BART Hayward Station. The structure
consists of 3 simply-supported twin box-girders constructed of prestressed concrete, which are supported
on four single-column piers designated as P132, P133, P134, and P135; see Figure 1.

The reinforced concrete single-column piers have a hexagon cross-section with a 5-foot dimension

between opposite faces and they are reinforced with two rings of #18 Grade 60 reinforcing bars. Each
column of piers P132, P133, and P135 has 28-#18 bars in its outer-ring which run the full height and
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16-#18 bars in its inner ring which are cut at various heights; thus, for each column, a total of 44-#18 bars
are present at its base. The column of pier P134 has 24 full-length #18 bars in its outer-ring and 12-#18
bars cut at various heights in its inner ring; thus, it has a total of 36-#18 bars present at its base. All
columns are provided with #5 spiral bars running at 3-inch pitch covering almost the full height of
column.

Each pier-column of P132, P133, and P135 is supported on an 18" x 18' square footing 5.5°
deep, which is, in turn, supported by 18 one-foot diameter reinforced concrete piles, each having a capacity
rating of 60 tons. Pier P134 is supported on a2 16" x 16" square footing, 5.5' deep, and on 16 piles of the
same capacity rating. Except for the vertical piles located along the horizontal axes of symmetry of the
footing, all others are battered with a slope of 8:1 for the inner piles and 4:1 for the outer piles. All piles
were driven into the soils to depths of 40 to 50 feet below the bottoms of the pier footings. The soil con-
dition at the site, as indicated by the soil boring-logs for bore holes located near the site, consists of layers
of sandy clay and silty sand. The water table at the site is located about 60 feet below ground surface.

Each prestressed-concrete box-girder is hinged at its north end to its corresponding pier-beam
support through two vertical concrete-filled S-in. diameter steel pipes and it rests on a bearing support at
its south end allowing freedom of movement longitudinally relative to the support. Freedom of relative
movement transversely is prevented however since the south end of each girder is hinged to the north end
of the adjacent girder. All hinges of the girders have a 1-inch gap, tight fitted with a non-laminated
elastomeric material and the girders themselves are supported on the tops of pier beams through two 15" x
12" x 1" elastomeric pads at each end of each girder. Thus, even for small relative displacements (<< 1
inch), the stiffnesses of the elastomeric pipe-hinge fillers and bearing pads play a role in controlling the
girder vibration frequencies.

The BART train rails are fastened rigidly to the prestressed-concrete girders at 3-ft intervals
longitudinally. Thus, even though the girders are simply supported between adjacent piers, stiffness
coupling across the girder joints between spans exists due to the stiffnesses of the continuous rails which
are rigidly fastened to the girders. Such coupling is very significant in the longitudinal direction due to the
high axial stiffness of the rails but is not too significant in the transverse direction. As will be discussed
later, the high stiffness coupling in the longitudinal direction did indeed play a major role in the seismic
response behavior as recorded by the CSMIP instruments during the Loma Prieta earthquake.

DESCRIPTION OF INSTRUMENTATION AND DATA
COLLECTED DURING LOMA PRIETA EARTHQUAKE

The CSMIP instrumentation of the structure under investigation consists of 18 strong-motion
acceleration sensors installed both on the structure and in the free-field. These sensors will be designated
herein as Channel Nos. 1 through 8 and 10 through 19 (Channel No. 9 was not installed). The locations
and directions of sensors are shown in Fig. 1.

During the October 17, 1989 Loma Prieta Earthquake, accelerograms were recorded by all 18
sensors. These accelerograms are shown as time-history plots in Fig. 2. The free-field recordings show
that during the earthquake, the site region experienced ground-surface peak-accelerations of 0.16g
horizontally and 0.08g vertically. The peak accelerations experienced at the girder deck level ranged from
0.39g to 0.60g in the transverse direction and from 0.21g to 0.26g in the longitudinal direction.

ANALYSIS OF RECORDED DATA AND OBSERVATIONS

The acceleration time-history data collected from the Loma Prieta earthquake shown in Fig. 1
have been analyzed extensively in this research program in an attempt to understand the seismic response
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behavior of this structure during the earthquake. In general, the data analyses performed consisted of: (1)
computing and plotting acceleration response spectra (ARS) for a 2% damping ratio for the recorded
acceleration time-history data; (2) computing and plotting Fourier spectra of acceleration time histories
and the transfer functions (complex Fourier spectrum ratios) between the structural response motions and
the free-field motions; (3) doubly integrating the acceleration time-histories to give displacement time
histories from which selected relative displacement time-histories of interest were obtained; and (4)
generating cross-correlation functions between pairs of selected recorded motions from which the apparent
phase lags between these pairs of motions were determined. From the results of the data analyses
described above, significant features of the seismic response of the structure during the earthquake were
observed and deduced. These are summarized below.

Free-Field Motions - The 2%-damped ARS computed from the free-field recorded motions indicate that
even though the recorded PGA values are the same for the NS and EW directions, the EW motion, which
is in the transverse direction of the structure, contains significant components of motion in a narrow
frequency range near 1 Hz; whereas these same components of motion are nearly absent in the NS motion.
The significant content of motion near 1 Hz for the EW motion has a significant effect on the transverse
response of the structure.

Longitudinal Structural Response at the Deck Level - The longitudinal structural response motions at the
deck level recorded at sensor locations, 3, 4, 5, 6, 7, and 8 shown in Fig. 1 indicate that the longitudinal
responses at all these sensor locations along the 3-span length are almost identical, indicating that, even
though joints are present, the girders are strongly coupled longitudinally by the rails; thus, they behave
essentially as a unit in this direction with almost no relative motions taking place across the joints. The
relative displacement time-history obtained from recorded data of Sensors 4 and 5 indicate that the
maximum relative displacement experienced at this joint was about 2 mm (0.08 inch) which is less than
10% of the joint gap of 1 inch.

Transverse Structural Response at the Deck Level - The transverse structural response motions at the
deck level recorded at sensor locations 10, 11, and 12 shown in Fig. 1 indicate that, transversely, the girder
and the pier-beam basically responded as a unit with very little relative motion across the elastomeric
bearing pads. The maximum relative displacement between the girder and the pier beam obtained from
the recorded data is 5.5 mm (0.216 inch). Using this amount of relative displacement and the transverse
inertia force of the girder tributary to Pier 132, the apparent shear modulus of the elastomeric bearing
pads, calculated taking into account the sitffnesses of elastomeric fillers around the hinges, is in the range
of 500 to 600 psi which is about 4 to 5 times higher than the 120 to 155 psi given in the AASHTO code.

Structural Response Behavior at P132 - Pier 132 has been instrumented with the largest number of
sensors as indicated in Fig. 1, namely, Sensors 2, 3, 4, and 6 measuring the longitudinal response motions
and Sensors 11, 12, and 13 measuring the transverse response motions. Examining the 2%-damped ARS
and the transfer function amplitudes obtained from analyses of recorded data shown in Fig. 3, one can
observe that, longitudinally, the structural system at P132 has a major structural response peak at the
frequency of 3.5 Hz and a minor peak at about 2.1 Hz; transversely, it has a major structural response
peak at the frequency of 1.8 Hz and a minor peak at 3.6 Hz. Using the half-power bandwidth method, the
modal damping values of the system associated with the major response modes at 3.5 Hz for the
longitudinal response and 1.8 Hz for the transverse response are estimated to be 4% and 3.6%,
respectively.

Structural Responses at the Bases of P132 and P135 - Two sets of triaxial sensors were installed at the
bases of piers P132 and P135 which are separated by a distance of 231 feet (70.4 m). The recorded
motions and their integrated displacement time-histories at these two locations indicate that these
response motions are nearly identical with the response at P132 lagging behind P135 by a small amount,
indicating that the seismic waves propagated in the general direction from South to North which is
consistent with the relative location of the epicenter to the site. The time lags determined from the cross-
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correlation functions computed form the recorded motions are estimated to be 0.03 second for the
longitudinal motions and 0.07 second for the transverse motions, giving the apparent wave propagation
velocities of these motions at about 2.4 km/sec and 1.0 km/sec, respectively.

DEVELOPMENT OF ANALYTICAL MODELS

Based on the dynamic response behaviors of the structure observed from the results of data
analyses described previously, analytical models intended for capturing the gross dynamic response
behaviors observed were developed. Since as described previously, the longitudinal and the transverse
structural responses observed show essentially decoupled behaviors, separate longitudinal and transverse
models could be used for the structure in capturing its overall behavior. Furthermore, since the structures
of all three spans are essentially the same and their observed responses are quite similar, it is only
necessary in developing analytical models to consider the structure and foundation system of a typical span.
Since Pier 132 has been most extensively instrumented, a representative one-span structure tributary to it
was used for developing the analytical models. Because the recorded data have indicated significant soil-
structure interaction effects, the dynamic impedance characteristics of the pier foundation system were
included in developing the analytical models.

Transverse Model - For response prediction in the transverse (EW) direction of the structure, a lumped-
mass generalized-beam-stick model was used to represent the one-span structure tributary to pier P132 as
indicated in Fig. 4. As shown in this figure, the model consists of: 2 lumped masses representing the twin
box girders, which respond essentially as rigid bodies due to their very high fundamental horizontal
frequency (10 Hz) relative to the critical system frequency (1.8 Hz); 3 lumped masses representing the
pier-beam and column; and one lumped mass representing the pier footing (pile cap). For each lumped
mass, its tributary rotary inertia is also included. The girder lumped masses are connected to the lumped
mass representing the rigid pier beam through two shear springs (K;,) representing the apparent shear
stiffnesses of the elastometric bearing pads. The lumped masses of the column are interconnected by
elastic beam elements which have stiffness properties based on the gross uncracked concrete section of the
column. The modal damping ratios for the fixed-base structure are assumed to be 2.5% for all modes.

The dynamic characteristics of the soil-pile foundation system are represented by a set of
frequency-independent foundation impedances (ie., soil springs and dampers). A set of translational soil
spring and damper (K, and C,,) and a set of rocking soil spring and damper (Kgq and Cgg) are attached
to the pier footing a distance H above its center of mass as shown in Fig. 4. This distance H is intended
to simulate the effect of foundation embedment which results in increases in the foundation impedance
values and creates a coupling impedance (K., and C,g) between the foundation translation and rocking
rotation. The numerical values of the translation and rocking spring stiffnesses (K, and Kgq) were
estimated using the results of a pile group test conducted recently by Caltrans (Ref. 3) and the axial
stiffnesses of the battered piles. The stiffnesses as obtained were further adjusted considering the soil
shear modulus degradation effect due to the free-field soil shear strains induced during the earthquake.
The values of the translation and rocking damper coefficients (Cy, and Cgg) Were derived by assuming a
critical damping ratio of 20% for both the rigid body translation and rocking modes of the rigid structure
on the flexible foundation. Distance H was left as a parameter to be adjusted in optimizing the correlation
between the predicted and measured responses.

Longitudinal Model - For predicting the longitudinal (NS) response of the structure, the analytical model
selected to represent a typical span of structure tributary to pier P132 is essentially the same as that of the
transverse model described above; however, recognizing that the structure in the longitudinal direction is
highly coupled to the stiffer and much more massive structure of the Hayward BART Station through the
high axial stiffnesses of the girders and the rigidly-fastened rails across the girder joints, the longitudinal
model for a representative span is coupled longitudinally through two axial links to a stiffer and more
massive model representing the gross dynamic characteristics of the structures of the Hayward BART
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Station immediately to the south. Since the recorded data indicate that the longitudinal structure
responses throughout the 3-span structure have a dominant response frequency at about 3.5 Hz and a
minor response frequency at about 2 Hz, it is postulated that the frequency at 3.5 Hz is dominated by the
stiffer Hayward BART Station structure. Thus the model properties of the stiffer model representing the
Hayward BART Station were adjusted to reflect a fundamental frequency in the longitudinal direction of
about 3.5 Hz.

CORRELATION OF ANALYTICAL AND MEASURED RESPONSES

Based on the longitudinal and transverse analytical models developed as described previously,
dynamic responses of the models subjected to the inputs of the free-field acceleration time-histories in the
NS and EW directions as recorded by Sensors 17 and 19, respectively, were computed. Since model
parameters, such as soil and elastomeric material properties are uncertain and since the recorded data are
not sufficient to deduce the needed information, numerous parametric variations were considered in the
analysis. Included in these parameter variations were the stiffnesses of the elastomeric bearing pads, the
foundation soil modulus and damping values, and the distance H used in characterizing the foundation
embedment effect. The final values of these parameters were selected as those which resulted in the best
correlations between the analytical predicted responses and the corresponding measured responses. The
responses obtained from analyses using the best-estimate parameter values are compared with the
corresponding measured responses in the form of 2%-damped acceleration response spectra calculated
from the acceleration response time histories. These comparisons and discussions of the results are
summarized below.

Longitudinal Responses - The 2%-damped acceleration response spectra for the analytically computed
longitudinal response motions at sensor locations 6, (girder), 3 (pier-beam), and 2 (pier-base) are
compared with the corresponding spectra for the measured response motions in Fig. 5. As shown by these
comparisons, the analytical results capture the gross response behavior in the longitudinal direction
reasonably well; however, as indicated from the spectra shown, the longitudinal response are dominated by
the structural amplification peak at the frequency of 3.6 Hz which is attributable to the major structural
system frequency of the stiffer Hayward BART Station structure. A future confirmation of this response
characteristic is desirable.

Transverse Responses - The 2%-damped acceleration response spectra for the analytically predicted
transverse response motions at sensor locations 11 (girder), 12 (pier-beam), and 13 (pier-base) are
compared with the corresponding results obtained from the measured response motions also in Fig. 5. As
indicated by these comparisons, the transverse analytical model captured the fundamental mode response
at the frequency of 1.8 Hz very well; however, it is somewhat deficient in predicting the second mode
response at the frequency of 3.6 Hz, which is basically due to the foundation rocking. Because of the lack
of recorded data that could be used in separating the rocking component and translation component of the
pier base motions, further refinements of the foundation model, which significantly controls the transverse
structural response behavior, could not be achieved rationally.

ASSESSMENT OF STRUCTURAL PERFORMANCE AND DESIGN IMPLICATIONS

The earthquake response data recorded at the three-span section of the BART elevated structure
offer a unique opportunity to assess the seismic response behavior of this structure during the Loma Prieta
earthquake. From the results of analyses presented previously, valuable insights into the seismic
performance of this section of the BART elevated structure have been obtained and their implications on
design have been assessed as follows:

9-5



@)

@)

C)

4

)

SMIP91 Seminar Proceedings

The apparent structural damping value of the BART structure as indicated from the recorded data
and as found to give reasonable correlations, is about 2.5% for the fixed-base structure and about
4% for the structure-foundation system, both of which are lower than the value of 5% normally
used in design. This lower apparent damping value leads to a structural response amplification
factor at the deck level of about 4 which is higher than peak elastic spectral amplification factor of
3 normally used for design. However, considering that the peak horizontal acceleration of the
free-field motions during the earthquake was only 0.16g, the damping value of 5% and the peak
elastic spectral amplification factor of 3 at the design level of 0.35g to 0.70g can be judged to be
reasonable and conservative for design purposes.

As indicated by the recorded data, as well as by the parametric correlation studies, the soil-
structure interaction effect on seismic response of the structure is significant. This effect tends to
lower the structure system frequencies appreciably. For example, the analytical model developed
for transverse response prediction shows the fundamental fixed-based structure frequency to be 2.5
Hz which is considerably above the system frequency of 1.8 Hz obtained when soil-structure
interaction is considered. In the design of the BART structure, a fixed-base structural model is
normally used which tends to over-estimate the frequencies and under-estimate the response.

The recorded data indicate that the BART elevated structures are highly coupled in the
longitudinal direction due to the presence of the continuous rails which are rigidly fastened to the
girders, even though the structure of each span is designed to be simply-supported and free to
move at one end. This implies that the single-pier model used for design in this direction may not
be appropriate, especially for those elevated sections which have large variations in the pier
column heights. When the system is strongly coupled longitudinally the shorter columns tend to
experience higher seismically induced internal forces; whereas, the single-pier model without this
coupling may not predict such a result. Thus in such situations, a model consisting of structures
of several spans and piers may be necessary. Furthermore, due to the apparent strong coupling of
the rails, the axial forces induced in the rails across the girder joints should be assessed in such
situations.

As discussed previously, the apparent shear stiffnesses of the elastomeric bearing pads for the
BART girders have been found to be higher than the code values, indicating potential degradation
of the material due to aging or other environmental effects. It would be very useful, if and when
these pads are replaced, to perform tests of the existing pads to determine their properties.
Furthermore, since their properties in the current condition are uncertain, design or assessment of
the structure should consider a wide variation of these properties.

Since the soil-structure interaction effect is shown to be important, design procedures for
estimating the pile foundation impedances and capacities such as those published in Ref. 4 should
be evaluated using actual earthquake response data. However, to make this possible, more
instruments should be placed on the foundation base such that they can produce sufficient data for
evaluating separate modes of foundation response. The current CSMIP instrumentations are not
sufficient for such an evaluation.

CONCLUSIONS AND RECOMMENDATIONS

Based on the analysis and structural performance assessment results obtained in this study, the

following conclusions and recommendations can be made:

M

The data recorded during the Loma Prieta earthquake by the CSMIP instruments on the Hayward-
BART elevated structure provide valuable information for understanding the seismic response of

this structure.
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Due to the high axial stiffness of the continuous rails, the seismic response behavior of this
structure in the longitudinal direction was found to be quite different from that in the transverse
direction. The former behavior is controlled by the response of the entire coupled system;
whereas, the later is more or less controlled locally from span to span. The responses in both
directions are significantly influenced by soil-structure interaction effects. In the more-critical
transverse direction, these effects actually result in higher responses than those obtained using the
fixed-base design analysis procedure by a factor of 1.3 to 1.5.

During the Loma Prieta earthquake, the maximum seismically-induced column base moment was
approximately 1/3 of the column’s ultimate moment capacity. However, using response spectrum
compatible accelerograms normalized to the Maximum Credible Earthquake PGA level of 0.7g, as
currently specified in the BART Extension Program, the maximum induced seismic base moment
predicted by the models calibrated in this study was found to exceed the design moment capacity
by a factor of about 3.4.

The studies conducted in this research program point out an urgent need of instrumentation that
allows independent recordings of the rocking rotation responses at the bases of pier-columns. A
need also exists to obtain longitudinal response data at locations closer to the Hayward BART
Station. Thus, the current instrumentation layout on this section of structure can be improved by
shifting some of the redundant sensors for recording the longitudinal motions of girders to pier
bases for measuring base rocking motions and to locations closer to the BART Hayward Station
for measuring the longitudinal motions.

The findings of this study suggest the need for an assessment of current design procedures, includ-
ing modelling for seismic response predictions and criteria for setting limits on ductility demands.
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SEISMIC RECORDS AT HAYWARD - BART ELEVATED SECTION
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Figure 2 Accelerograms Recorded During the Loma Prieta Earthquake of 1989
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ANALYSIS OF THE RECORDED RESPONSE OF LEXINGTON DAM
DURING VARIOUS LEVELS OF GROUND SHAKING

F.I. Makdisi, C.Y. Chang, Z.L. Wang, and C.M. Mok
Geomatrix Consultants, Inc.
One Market Plaza, 717 Spear Street Tower
San Francisco, California 94105

ABSTRACT

Lexington Dam, a 200-foot-high compacted earthfill embankment, was strongly shaken
by the Loma Prieta 1989 earthquake (My, 7) as well as by two smaller events (M; 5) in June
1988 and August 1989.

The dam was instrumented as part of the California Strong Motion Instrumentation
Program. The recordings at Lexington Dam due to at least three different levels of ground
shaking provided valuable data for examining the nonlinear strain-dependent behavior of the
embankment materials due to earthquake shaking. This paper summarizes the results of
analyses of the recordings at the dam crest and abutment for two of the three earthquakes
described above. The analyses included Fourier spectral ratio computations (crest to abutment)
to examine changes in the fundamental natural period of the dam due to different levels of
shaking; and one- and two-dimensional dynamic response analyses to evaluate the nonlinear
strain-dependent behavior of the embankment materials at two levels of earthquake shaking.

LEXINGTON DAM

Lexington Dam is located on the east flank of the Santa Cruz Mountains, off Highway
17 between San Jose and Santa Cruz, about 17 miles north of Santa Cruz. The dam is 205 ft
high and has a crest length of 810 ft. It is a zoned earthfill embankment with a downstream
slope of 3:1 (H:V) and an upstream slope of 5%:1. A cross section of the embankment
through the maximum section is shown in Figure 1. The embankment consists of four zones,
upstream and downstream shells of gravelly clayey sands, a thick core of sandy gravelly clay,
and an internal drain zone between the core and downstream shell. The downstream shell
contains about 15 to 35% fines and the upstream shell about 20 - 65%, in both cases the fines
are medium plasticity clays with LL « 33-39 and PI « 14-24. The core, below a depth of 80
ft, is composed of 85% fines of medium to high plasticity (LL = 61-67 and PI = 38-44),
between the crest and a depth of 80 ft, the core material resembles more the upstream shell
material with about 30 to 50% fines of medium plasticity (LL « 31-39 and PI = 14-18).

The foundation and abutments consist of bedrock of the Franciscan formation, which

is composed chiefly of interbedded sandstone and shale, greenstone, and minor amounts of
chert and schist. The topsoil at the foundation area was stripped prior to dam construction.
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Recor: round Motion

The dam is instrumented with 3 sets of strong motion accelerographs, one set is located
at a rock outcrop at the left abutment (west of the concrete spillway), and two sets are located
on the crest to measure the response of the embankment. The locations of these instruments
are shown on a layout of the dam presented in Figure 1. At each of the three locations the
accelerographs were oriented in three orthogonal directions: transverse (normal to the dam
axis), longitudinal (along the dam axis), and vertical. During the Loma Prieta earthquake
My 7) of October 17, 1989, peak accelerations (in the transverse direction) of 0.39 and 0.45 g
were recorded at the left and right crest of the dam, respectively, and 0.45 g at the rock
formation of the left abutment. The dam response was also recorded during two smaller
magnitude (M, ~ 5) earthquakes around Lake Elseman, one event on June 27, 1988, and the
other on August 8, 1989. Peak accelerations recorded in the transverse direction during these
events were significantly smaller than those of the Loma Prieta earthquake: 0.11 to 0.16 g on
the crest and 0.03 g at the left abutment, for the event of June 27, 1988; 0.16 to 0.18 g on the
crest and 0.08 g at the left abutment, for the earthquake of August 8, 1989. These data and
earthquake information are summarized in Table 1.

TABLE 1

RECORDED PEAK ACCELERATIONS AT LEXINGTON DAM
DURING VARIOUS EARTHQUAKES

Approximate Peak Acceleration Values (g) |
Earthquake Magnitude Distance to
(Date) My Ruptukr; Zone Left Abutment Left Crest Right Crest I
Loma Prieta 6.9 6 E-W: 0.41 0.40 0.34
(Oct, 17, 1989) Up: 0.15 0.22 0.20
N-S: 0.45 0.39 0.45
Lake Elseman 52 18 E-W: 0.11 0.17 0.22
(Aug. 8, 1989) Up: 0.03 0.08 0.10
N-S: 0.08 0.18 0.16
Lake Elseman 5.0 19 E-W: 0.04 0.11 0.12
(June 27, 1988) Up: 0.02 0.07 0.07
N-S: 0.03 0.11 0.16

The recordings from these three earthquakes were digitized by the staff of the Strong
Motion Instrumentation Program (Shakal et al., 1989). Upon examination of the records from
the June 27, 1988 event it was noticed that the records appeared to be missing the early portion
of ground motions and that the instruments may have triggered late during this event.
Accordingly, this set of records was not used in the analyses and dynamic response
computations described in the subsequent sections of this paper. Plots of the 5% damped
response spectra of recordings from the two larger events are presented in Figure 2.
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Analysis of Recorded Motions

Fourier spectral ratios of the recorded motions at the crest and the abutment were
computed to examine any changes in the fundamental natural period of the embankment due
to different levels of ground shaking. An increase in period with an increase in level of
shaking reflects a decrease in the shear modulus of the embankment material (Chang et al.,
1989).

A plot of the Fourier spectral ratios (crest to abutment) for both the smaller (M, 5)
event and the Loma Prieta (My, 7) earthquake are shown on Figure 3. An examination of
Figure 3 shows a substantial increase in the fundamental natural period of the embankment
from about 0.5 seconds for the M, 5 earthquake to about 1.4 seconds for the Loma Prieta
event. It should be noted that the level of shaking represented by the peak ground acceleration
at the left abutment rock for the smaller event was about 0.16 g compared to a value of about
0.45 g for the Loma Prieta event. The increase in the fundamental period of the embankment
suggests a significant reduction in shear modulus of the embankment material due to the Loma
Prieta earthquake.

Analysis of Embankment Response

To analyze the embankment response to the two levels of recorded ground motions, one-
and two-dimensional dynamic finite element analyses were performed. The analyses employed
the method of complex response and an equivalent linear approximation of the strain dependent
modulus and damping properties. The program SHAKE (Schnabel et al., 1972) was used for
the one-dimensional analyses, and FLUSH (Lysmer et al., 1975), a plane strain finite element
analysis program was used for the two-dimensional analyses. In all analyses described herein,
the transverse component (component normal to the dam axis) of ground motion was used.

The values of shear modulus at low strain (G,,,) for various zones of the embankment
were estimated on the basis of field shear wave velocity measurements (Wahler Associates,
1982). These values are summarized in Table 2 below:

TABLE 2
Zone Shear Wave Velocity (ft/sec
All zones at shallow depth (0-20 ft) 1200
Lower core (below 80 ft depth) 1100 - 1500
Upper core and upstream shell 1400
Downstream shell (20-50 ft depth) 1700
Downstream shell (below 50 ft depth) 2200
Foundation rock 1800 - 3000

The results of the geophysical field survey revealed shear wave velocities in the
foundation bedrock that varied between 1800 and 3000 ft/sec with average values in the shallow
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foundation of about 2200 ft/sec. Theoretical studies of dams located in canyons with flexible
rock foundations (Gazetas, 1991) showed that for cases where the ratio of canyon rock velocity
to the dam velocity was less than 10, assuming a rigid rock foundation resulted in differences
in the computed amplification function at the dam crest by more than 70%. Accordingly, it
was considered more appropriate to model the upper 300 to 350 ft of rock foundation below
the dam as a flexible rock foundation and include it in the finite element mesh. Figure 4 shows
the two-dimensional finite element representation of Lexington Dam and its flexible rock
foundation. Shear wave velocities in the rock foundation were specified as follows, 0 to 150
ft depth: v, = 2500 ft/sec, 100 to 200 ft: v, = 3000 ft/sec, and 200 to 350 ft depth: v, = 4000
ft/sec. This distribution of rock shear wave velocities with depth was based on data from
similar sites underlain by Franciscan rock formations where shear wave velocities have been
measured with depth. The transverse component of the rock motion recorded at the left
abutment outcrop was used as input to the finite element analysis and was specified as surface
motion of a free field rock column. Horizontal transmitting boundaries were incorporated in
the finite element idealization of the dam-foundation system. This assumption implies that rock
motions at the abutment and at the valley floor are similar. One-dimensional wave propagation
studies were made to verify this assumption as well as the use of results of two-dimensional
finite element and finite difference studies of topographic effects on similar slopes at the Diablo
Canyon site (Pacific Gas and Electric Co., 1988).

Relationships for variation of modulus and damping properties with strain were obtained
from published literature on similar soils: Seed and Idriss (1970) and Seed et al. (1984) for
cohesionless soils; and Sun et al. (1988) for cohesive soils. A number of parametric studies
of the effects on the predicted response of using various modulus reduction and damping
curves, different shear wave velocities, as well as the effects of assuming rigid rock foundation
were made (Makdisi et al., 1991). For the results presented herein, the modulus reduction and
damping curves used in the analyses are shown below in Table 3. These properties are based
on the mid-range shear modulus reduction curve for Sands proposed by Seed and Idriss (1970)
and the lower bound curve for damping proposed by the same authors.

TABLE 3.

Modulus Reduction and Damping Curves Used in Analyses

Shear Strain % G/Gmax Damping Ratio
10 1.0 0.3
103 0.97 0.8
102 0.73 2.8
10! 0.30 10.0
1 0.05 21.0

The value of shear wave velocity for the lower core zone (Table 1) was specified at 1200
ft/sec.
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Figure 5 shows the results of the two-dimensional finite element analyses for both events in
terms of the computed and recorded 5% damped acceleration response spectra at the crest of
the dam. There is reasonable agreement between the computed and recorded spectra for the
Loma Prieta 1989 event at periods of 0.2 seconds and longer, although the peak acceleration
is over-predicted by as much as 65%. For the smaller Lake Elseman event, although the
analysis approximately predicts the first natural period of the embankment, the predicted
spectral accelerations are about 60% of the recorded ones over the entire spectral range.

Figure 6 shows the computed Fourier amplitude transfer functions between the dam crest
and left abutment recordings for both events analyzed. Again there is reasonable agreement
between the computed transfer functions shown in Figure 6 and those obtained from the
recorded motions shown in Figure 3. The computed first natural periods of the embankment
using the finite element analysis are about 0.55 seconds for the smaller Lake Elseman event and
about 1.3 seconds for the Loma Prieta event. The shift in the fundamental natural period of
the embankment with the increase in level of ground shaking reflects the strain dependent
nonlinear behavior of the embankment soils. This is shown in a plot of the G/Gmax and
damping values vs. strain for the finite elements located at the centerline of the dam between
the crest and the foundation and presented in Figure 7. This plot shows that for the Lake
Elseman earthquake, the strain levels developed were in the range of about 0.004 - 0.03 %, with
corresponding reduction in Gmax of about 30% to 40%. In contrast with the Loma Prieta
event, the developed strain level varied between about 0.1% and 1.0% with a corresponding
reduction in shear modulus of about 60 to 95% of the initial low strain value.

SUMMARY AND CONCLUSIONS

The recorded response at Lexington during the Loma Prieta 1989 earthquake and two
smaller events provided an opportunity to evaluate the nonlinear behavior of the embankment
soils during various levels of ground shaking. Fourier spectral ratios of the recorded motions
showed a definite shift in the fundamental natural period of the embankment with increased
level of ground shaking. Two-dimensional finite element analyses of the embankment response
using equivalent linear strain-dependent material properties provided predictions of embankment
motions that are in reasonable agreement with the recorded motions.
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SOIL-FOUNDATION-STRUCTURE BEHAVIOR
AT THE OAKLAND OUTER HARBOR WHARF

G. Norris and R. Siddharthan
Associate Professors, University of Nevada, Reno

Z. Zafir, S. Abdel-Ghaffar, and P. Gowda
Graduate Students, University of Nevada, Reno

ABSTRACT

This paper discusses the use of CSMIP records at Oakland Outer Harbor Wharf
(along with that from Yerba Buena) to study the free-field motions at Oakland
Outer Harbor, both at shallow depth and to bedrock, and the possible softening
of soils surrounding the piles supporting the instrumented wharf. The paper also
discusses the determination of the motion on the instrumented wharf using free-
field motion input and deflection compatible lateral and vertical pile foundation
stiffnesses. Such derived motion compares well with the recorded motions on the
deck. While there was no reported liquefaction at the site, there was at nearby
locations; and the consequence of an assumed lower relative density of the near-
surface sand at Oakland Outer Harbor is discussed. Likewise, the consequence
of a change in the orientation of the wharf or the incoming motions, assessed
by interchanging the direction of the free-field motions, is presented. These
latter changes reflect conditions under which a soil-foundation interaction
failure or structural failure of the batter piles may have developed, failures
that occurred at facilities nearby.

INTRODUCTION

During the Loma Prieta earthquake of October 17, 1989, there was considerable
damage to facilities at Oakland harbor; however, there was no specific failure
of the soil or damage to the structure of the CSMIP instrumented wharf (Berths
24,25,26) at Oakland Outer Harbor. This paper discusses the use of CSMIP records
at the Oakland Outer Harbor Wharf to assess free-field motions in the soil
supporting the piles of the wharf, the nonlinear variation in inertial
interaction stiffnesses of the piles (with due consideration of free field strain
and any softening due to developing pore pressures associated with unrealized
liquefaction), and the assessed motion on the deck using free-field input through
deflection compatible equivalent linear foundation springs. 1In addition, the
paper discusses the consequence of a decrease in the relative density of the
near-surface sand layer supporting the piles or the direction of incoming
motions. Such changes reflect conditions under which there may have been
liquefaction or a soil-foundation interaction failure or structural failure of
the batter piles as observed at nearby facilities.

LAYOUT OF RECORDING INSTRUMENTS AND SOIL PROFILE
Figure 1 presents the layout of the instrumentation at Oakland Outer Harbor
Wharf. Channels 1, 3, 10 and 12 are the horizontal free-field instruments

located to the east of the wharf. They exhibited peak accelerations of 0.28g,
0.22g, 0.27g, and 0.29g, respectively, during the Loma Prieta earthquake.
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Figure 2 represents the averaged soil profile used for the horizontal free-
field response evaluation as constructed based on soil and geophysical data taken
from a number of sources (see Acknowledgements).

SHEAR MODULUS AND DAMPING CURVES FOR THE SOIL LAYERS

In performing an equivalent linear one-dimensional ground response analysis
using the commonly employed program, SHAKE (Schnabel et al., 1972), it is
necessary to specify the soil type (SAND, CLAY or ROCK) and to supply the shear
modulus reduction (G/G.,) and damping (B) curves for these materials. In the
deep deposit considered here (approximately 495 ft. to Franciscan greywacke),
the vertical effective stress oJ,, increases to over 25000 1b/ft2. There have
been a number of laboratory studies, e.g., that by Hardin and Drnevich (1972),
that have shown a dependency of G/G, ., and f values on the level of oy,,. There-
fore, a modified SHAKE analysis was used here in which such dependency was
modeled.

Figure 3 shows curves for Bay Mud modified from the curves given by Seed
and Sun (1989) using a relationship for overburden pressure established from
the work of Hardin and Drnevich (1972). It should be noted that the Seed and
Sun shear modulus curve for Bay Mud (060-20001bs/ft2)exhibitslinearity(i.e.,
G/Gpax~l) up to a greater strain (1x10"“%Z) than that for other clays and a
damping curve that falls near the lower range for the average of all clays (see
Seed and Idriss, 1970)., Similar stress-dependent modulus and damping curves were
derived for sands as shown in Figure 4.

FREE FIELD RESPONSE

All free-field horizontal acceleration histories (Channels 1, 3, 10 and 12)
were considered separately, and the motions at the top of the bedrock at a depth
of 495 ft. were computed using deconvolution. Figure 5 shows the spectral
acceleration curve for rock motion derived using the modified SHAKE program along
with the spectral curve for the particular (ground surface) input motion for
Channels 10 and 12. (The curves for Channel 1 are like those for Channel 10; and
3 like those 12.) One will note that the predominant period of base and surface
motions is about 0.6 to 0.8 seconds and that the spectrum for motion in the long
direction of the wharf (Channels 12 and 3) is wider indicating energy input over
a wider range in frequency than that for motions transverse to the wharf
(Channels 10 and 1). This raises the question of the possibility for damage
to the wharf had the orientation of the wharf or the incoming motions been
reversed.

The influence of the soil deposit can be judged from a consideration of the
ratio of the spectral accelerations, surface to base, at different periods. From
inspection of all sets of curves, it is clear that the maximum ratio occurs at
about 1.3 to 1.4 seconds making this the effective period of the deposit.

Figure 6 provides a comparison of the spectral curves for derived motions
with that for recorded motion on rock at Yerba Buena. For additional comparison,
bedrock motion for Channel 12 was derived using the traditional SHAKE analysis
(i.e., no modification for o,) and its spectral curve is compared with those
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for Yerba Buena and the modified SHAKE analysis in Figure 7. It is seen that
the already high peak at approximately 0.2 seconds in the modified SHAKE curve
is unreasonably high for the traditional SHAKE analysis.

Given the agreement between the recorded rock motion and the deconvoluted
spectra shown in Figure 6 and peak rock accelerations (0.12g deconvoluted versus
0.1l1lg recorded maximum peak value on rock in the Bay area), it was decided that
the modified SHAKE analysis gives sufficiently accurate free-field stresses and
strains to proceed with both the liquefaction and pile stiffness evaluation
studies as discussed subsequently.

Figure 8 shows the variation in equivalent shear strain with depth from
deconvolution using the modified SHAKE program relative to all horizontal free
field motion input. Figure 9, which is a plot of the effective modulus ratio
with depth for Channel 3 and 12 input, is an indication of the nonlinearity of
the responses induced in the different materials during the Loma Prieta
earthquake. A shear modulus ratio of one signifies that the material is

responding as an elastic material at its initial tangent shear modulus (Gp,y).

LIQUEFACTION ANALYSIS

Figure 10 indicates the soil layers representative of a longitudinal cross
section taken midway across the slope of Figure 11. This is slightly different
than the soil layering depicted in Figure 3 which represents conditions at the
top of the slope where the free-field instruments are located. As indicated in
Figure 11, the 37-ft. thick sand layer located near the top of the profile was
allowed to take on different property values corresponding to the assumption of
different relative densities (D,) for the sand. Further, the modulus (Gp,,) and
related shear wave velocity (Vg) values were allowed to vary with depth within
the layer in relation to the change in the mean normal effective stress.

While the consulted soil reports and borings generally yield a corrected
standard penetration test blow count (Nj) value of 70 or greater for this silty
sand, an N that corresponds to a Dr of 100%, it is known that both natural and
hydraulic fill sand at other locations in the Oakland harbor (some of which
liquefied during the earthquake) exhibit dramatically lower blow count values
(down to 10 or less). Furthermore, it is this sand layer that provides the
support for the wharf piles. Therefore, it was decided to evaluate the possi-
bility of liquefaction at the site for other assumed combinations of D, and Nj.

Rock motion for Channel 12 (i.e., the greater motion in the long direction
of the wharf) was used to assess the equivalent shear stress (r,,) and, hence,
the earthquake induced stress ratio (R=r ,/0y,) with depth through this layer
for these different density states of the sand: D, =100%, N;=70; D,.=90%, Nq=44;
D,=58%, Ny=16; and D,=40, Nj=6. Figure 12 shows the variation in stress ratio
with depth through the sand as obtained from a modified SHAKE analysis. Realize,
of course, that changes in the property values for the sand cause changes in the
resulting near-surface response (i.e., strain, acceleration, etc.).

Superposed on the plot are vertical lines of the stress ratio necessary to

cause liquefaction in four equivalent cycles of shaking for different Nj and D,
values. While four equivalent cycles of excitation is a low value for the
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typical magnitude 7 earthquake, this is the value assessed from the Channel 12
surface acceleration record using the weighting techniques after Seed et al.
(1975).

The stress ratios to cause liquefaction were established from curves
presented by Norris (1988) which are cross plotted from those given by Seed et
al. (1983). Corrections relating to the percentage of fines derived from the
relations presented by Seed et al. (1984), applied to the Norris (1988) curves,
give the curves shown in Figure 13. Such treatment of fines is important in the
present case because the near surface sand is silty. Table 1 presents the values
to cause liquefaction in four cycles for various combinations of N; and percent
fines. Only the values immediately bracketing the variation in induced stress
ratio are shown in Figure 12.

It is clear from Figure 12 that, regardless of the difference in variation
in induced stress ratio (i.e., for different N; and D, combinations), clean sand
with an N;<25 to 30 blows (Dr<75 to 80%) or silty sand with an N1<20 blows
(Dr<70%) with between 15 and 35% fines would have liquefied had it been present
in any form at this location (i.e., layer, seam or lems). This is undoubtedly
what happened in areas immediately surrounding the instrumented wharf. On the
other hand, at this level of density (70-85%) and above it is unlikely that there
would have been any significant softening of the sand during the course of the
Loma Prieta earthquake, i.e., any pore pressure buildup causing possibly greater
slope or foundation movement would have been accompanied by a dilatant reaction
that would have arrested any significant realization of such deformation.
Therefore, either the sand was perfectly stable and not likely to soften or it
would have liquefied.

PILE FOUNDATION STIFFNESSES

Figure 11 shows the vertical and batter piles used to support the wharf.
These are drivem 18-in. square prestressed concrete piles. There are
approximately 1000 piles over the 1600 ft. length of the wharf. The spacing
between the piles varies but it large enough that the piles can be considered
as isolated (i.e., there is no group reduction factor to consider). Further,
the piles have very little dead load to support and the tip load mobilized at
the lower loads is so small that the piles can be considered symmetric as far
as their axial response (tension versus compression) is concerned.

The nonlinear variation in vertical stiffness (at groundline) shown in Figure
14 was derived from similar shaped load-settlement curves from three pile load
tests (two on piles from Row E and one on a pile from Row B) conducted at the
time of construction. Superposed on this curve is a line of constant stiffness
of 2000 kips/in which corresponds to the level of shear modulus and strain due
to the free-field motions. In other words, due to the earthquake, the shear
modulus in the supporting sand layer is already reduced to a certain level and
the shear modulus of the soil would not be any higher than the (reduced) free-
field value even if the vertical interaction displacements were less than the
associated 0.03 in. value. Alternatively, when the interaction displacements
and associated shear strains are higher, the soil shear modulus is lower and the
vertical pile stiffness is governed by the inertial interaction response.

Using a laterally loaded pile analysis program by Gowda (1991), the lateral
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stiffness of the piles was assessed over a wide range in deflection. The curves
of Figure 15 are for groundline response for the moment condition of the lateral
load applied at the deck times the unsupported length of the pile One and one-
half ft. of Bay Mud (undrained shear strength S u=1440 lbs/ft ) over dense sand
(friction angle ¢=39°) was assumed for this analysis The superposed cutoff for
free-field conditions is not shown but would occur at a groundline inertial
interaction or relative deflection of less than 0.02 in. This is smaller than
the relative lateral deflections that derive from the dynamic analysis of the
wharf described in the next section.

It should be noted that the batter piles were treated as if they have normal
and axial stiffnesses equal to the lateral and axial stiffnesses of vertical
piles of the same embedment and unsupported length.

Given the high relative density of the supporting sand layer, it was deemed
that the above stiffnesses would apply during the earthquake, i.e., there would
be no softening of the stiffness curves due to developing porewater pressures
in the sand. This would not be the case if the blow count or relative density
of the layer were lower than, say, Ny=20 or D,.=70%, but then as shown in the last
section such sand would liquefy directly. Of course it may be that at other
locations the sand is nonuniform and might liquefied locally without yielding
a mechanism for slope failure. Therefore, there might be a momentary reduction
in stiffnesses. More detrimental would be the loss of sand strength at shallow
depth immediately below the thin cover of Bay Mud causing a significant reduction
in lateral (as compared to vertical) stiffness and, hence, a greater transfer
of lateral load to the batter piles.

DYNAMIC ANALYSIS OF THE WHARF

The program IMAGES-3D (Leung, 1988) was used for the dynamic analysis of
the wharf. A repeatable 48-ft. long by 62-ft. wide section of the deck and
supporting piles was modeled with brick elements (for the deck) and three-
dimensional beam elements (for the pile). Lateral (two directions) and axial
spring stiffnesses were assigned at groundline corresponding to the level of
assumed (maximum) relative displacements. The stiffnesses were then changed in
successive runs until displacement compatible values from the curves of Figures
14 and 15 were obtained. This takes a couple of iterations; but, unless it is
done, it cannot be said that the proper distribution of the loads to the
structure has been achieved. It should be noted that the pile connection at the
deck was handled by embedding a beam element in the brick (deck) element.

A modal analysis was performed to establish the frequencies, mode shapes,
modal weights and participation factors of the modeled wharf. Only the first
three modes were considered in the dynamic analysis. Damping was taken constant
in all modes at a value of 5%, a reasonable value for elastic analysis of
reinforced concrete structures. The transverse response of the structure was
evaluated based on Channel 1 free-field motion input. Figure 16 is a comparison
of computed (Node 18) and recorded (Channel 4) accelerations. Similar good
comparison was achieved between Node 34 and Channel 5.

The peak relative displacements at groundline for piles of the different

rows varied as follows: 4.16 in. lateral maximum for piles of Row A to a minimum
peak value of 0.02 of piles of Row C (outboard); and 0.022 in. axial displacement
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for piles of Row D to ).0006 in. displacement for piles of Row A.

Channel 12 motion was Input to the model to ascertain the response had the
incoming motions or the orientation of the wharf been reversed. The computed
response at Node 18 for the reversed motion is about the same as that for the
actual input.

Based on the above analysis the peak shear forces at the pile head of the
batter piles varied from 23.7 to 15.3 kips for the true input (Channel 1) and
from 15.4 to 9.2 kips for the reversed input (Channel 12). These shear loads
are well within that allowed and would not cause damage to the piles. Therefore,
the piles damaged at other locations were likely embedded in a nonuniform sand
deposit where liquefaction occurred locally below the thin cover of Bay Mud thus
causing reduced lateral stiffness and, hence, even greater transfer of lateral
force to the batter piles. This hypothesis is still to be tested but it can be
accomplished in a straightforward manner by simply reducing the lateral/normal
stiffness of all piles to a very low value (say, 0.5 kip/in) while maintaining
compatible vertical stiffnesses. The resulting shear loads at the heads of the
batter piles will indicate whether this was a likely mechanism for damage.

CONCLUSIONS

The current study has been useful in looking at free-field motion, soil-
foundation interaction response and foundation-structure behavior. However,
the dramatic response that occurred at nearby facilities seemed far £from
developing at the instrumented Oakland Outer Harbor Wharf due largely to the
high relative density of the near-surface sand in which the piles supporting
the wharf are founded. Simply assuming a lower density of the whole layer will
not explain the likelihood for pile damage because the induced stress ratio in
the layer is so large that the sand would need to be of such high density
(D>70%) to survive liquefaction that it would not be subject to softening due
to developing porewater pressures. Alternatively, a mechanism of damage arising
from a loss in lateral stiffness due to local near-surface liquefaction is still
being investigated. There was no particular effect due to a change in the
orientation of the incoming motions. 1In total, the present study has shown the
usefulness of the CSMIP records in the attempted verification of methodologies
for soil-foundation-structure interaction analysis; though, at the instrumented
Oakland OQuter Harbor Wharf, there was nothing of dire consequence to report.
Basically, the structure was of such small mass that, in such competent soil,
there was no significant interaction response, i.e., the structure was forced
to follow free-field soil motion.
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RESPONSE OF BASE-ISOLATED STRUCTURES
IN RECENT CALIFORNIAN EARTHQUAKES

James M. Kelly, Ian D. Aiken, and Peter W. Clark

ABSTRACT

The October 1989 Loma Prieta and February 1990 Upland earthquakes both affected
base-isolated structures and provided the first significant earthquake response data from base-
isolated structures in the U.S. In the Loma Prieta earthquake, California Strong Motion Instru-
mentation Program (CSMIP) sensors on the Sierra Point Overhead were triggered, and in the
Upland earthquake, the Foothill Communities Law and Justice Center (FCLJC) in Rancho

Cucamonga experienced significant ground accelerations, CSMIP instruments again recording
the motions.

The responses of the two structures are investigated in a study of the strong-motion data.
Isolation system characteristics are determined from the data and these are used in analytical
studies of the structure responses. Implications of the results on current design approaches and
code requirements for base-isolated structures are addressed.

1. INTRODUCTION
1.1 Description of Structures

FCLJC - The FCLIC is a four story plus basement braced steel frame. The building was
designed in 1983 and construction was completed in 1985. The building is 414 ft by 110 ft in
plan, and the height of the main roof above the isolation bearings is 76.5 ft (Fig. 1). At the
basement level, 14-inch thick concrete shear walls extend the full height of the basement.
These walls serve to spread overturning actions in the braced frames onto the bearings. The
foundation system consists of individual spread footings for each isolation bearing. The site is
underlain by sand, silty sands, gravel, and a coarse-to-fine alluvial sequence, with basement
rock at a depth of about 800 ft.

The FCLJC was the first base-isolated structure in the United States, and as such, a
number of conservative assumptions were made in the design of the building. The County of
San Bernardino requested that the building would experience only minor structural damage in
the Maximum Probable Earthquake — the maximum event that could be expected during a
period of 100 years — and would not suffer permanent damage to the basic structure in a
Maximum Credible Earthquake — the worst seismic event that is postulated within the
geotechnical framework of the site [1]. The Maximum Credible Earthquake was defined as a
Richter magnitude 8.3 event on the San Andreas Fault, 13.5 miles from the site. This event
corresponds to a motion with PGA = 0.6 g, a spectrum with constant velocity of 50 in/s in the
period range beyond 0.8 second, and a duration longer than 35—40 seconds. The extremely
long (414 ft) plan dimension of the building resulted in very large torsional effects when the
5% eccentricity code requirement was included in the analyses. The FCLJC isolation system is
discussed in detail in section 2.

Sierra Point Overhead - The Sierra Point Overhead is an 8-lane, 616 ft long bridge on U.S.
Route 101 north of San Francisco International Airport. The 117 ft wide, 10-span bridge is
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skew in plan, with the north and south abutments skewed 59° and 72° respectively, to the
radial line.

The bridge was designed in 1955, constructed in 1957, widened in 1969, and base-
isolated as part of a seismic upgrade project in 1984-85 [2]. Plan and typical section views of
the structure are shown in Fig. 2. The superstructure consists of a concrete deck slab on steel
girders supported on lead-rubber isolation bearings. The bent columns are cantilevered from
individual spread footings on hard sandstone. There are a total of 27 concrete columns, 36
inches in diameter, and they are generally arranged in 4-column bents. The bents at the ends
of the bridge have only one, two, or three columns because of the skew alignment. The
columns vary in length from 11 ft, 19 ft, and 27-30 ft, with the shorter columns being nearer
the abutments. The bridge carries traffic over two railroad tracks. Three pre-cast, reinforced-
concrete collision walls, 13.75 ft high and 3 ft thick extend between bent columns parallel to
the railroad alignment as shown in Fig. 3.

The bridge was originally designed under 1953 AASHO specifications and in a 1982
structural review was found to be deficient in column strength. Base isolation was chosen as
an alternate solution to reconstruction, and was able to reduce the horizontal earthquake loads
subjected to the vulnerable columns. The structure was isolated by replacing the spherical steel
pin-type bearings with lead-rubber isolation bearings. The design earthquake was a Richter
magnitude 8.3 occurring on the San Andreas fault 42 miles west of the site. The isolation
system is discussed in detail in section 2.

1.2 Earthquake Motions

The epicenter of the M; = 5.5 February 28, 1990 Upland earthquake was located about 8
miles east of the FCLIC building. The maximum free-field acceleration recorded at the site
was 236 gals, and 40 seconds of data were acquired. The free-field accelerations were
significantly larger than those experienced by the building. Instrumentation on the FCLIC con-
sists of 16 accelerometers on the structure itself, and an additional 3 free-field accelerometers
located approximately 350 ft SE of the building. The instrumentation locations are shown in
Fig. 1.

The M; = 7.1, October 17, 1989 Loma Prieta earthquake was centered about 50 miles
south of the Sierra Point Overhead bridge. The maximum site free-field acceleration was 104
gals, and 38 seconds of data were acquired. Instrumentation on the bridge consists of 13
accelerometers located on two adjacent columns (Fig. 2). Accelerations are measured above
and below two isolators and at the base of one of the columns. Three additional sensors are
located in the free-field, on a sidehill bench on sandstone bedrock 200 ft NW of the bridge, at
approximately the same elevation as the bridge deck.

No damage occurred in either of the structures as a result of the earthquakes.

2. DESCRIPTION OF ISOLATION SYSTEMS

FCLJC - The building is supported on 98 high-damping natural rubber bearings and has a
design period of approximately 2.0 seconds under the Maximum Credible Earthquake. There
are eight different bearing types incorporated in the design. All of the bearings are 20 inches
in diameter and the total height of rubber in each case is 11.97 inches. A view of one of the
bearings during construction is shown in Fig. 4. Four different rubber compounds were used
in the manufacture of the isolators, aspects of which are discussed in more detail in section 3.
The maximum displacement in the isolators under the Maximum Credible Earthquake was cal-
culated to be 15 inches. To accommodate this displacement, a seismic gap of 16 inches is
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provided on all sides of the building. Ball joints were added to piping and utility connections
across the isolation interface to allow the large horizontal displacements. The isolation bear-
ings possess substantial inherent damping, which varies from about 9 to 12% depending on the
level of deformation in the isolators. The first two fixed-base translational periods were calcu-
lated to be 0.62 second and 0.72 second in the N/S and E/W directions, respectively. Connec-
tion of the bearings to the foundation and superstructure is by steel pin shear dowels into the
bearing end plates.

Each isolator used was tested at the time of manufacture at shear strain levels of 2%,
10%, 25%, and 50% [1]. First cycle (unscragged) and tenth cycle (fully scragged) stiffnesses
were obtained. The composite stiffnesses of the entire isolation system (unscragged and
scragged) are given in Table 2. In addition to these tests, four bearings were tested to the full
design displacement of 15 inches [3].

Sierra Point Overhead - The Sierra Point Overhead isolation system consists of 33 lead-
rubber and natural rubber bearings. There are a total of six different bearing designs in the
system. There are two bearings sizes: 18 inches square or 22 inches in diameter; the square
bearings have either no lead plug or a lead plug of 3 inches or 6 inches in diameter. The cir-
cular bearings have 4 inch diameter lead plugs. The total height of rubber in the bearings is
either 5.625 inches or 6.375 inches. The natural rubber used in the bearings is an unfilled
compound with a relatively low inherent damping and a moderately nonlinear low-strain
stiffness behavior. The abutment details were not changed in the isolation retrofit, and remain
the same as in the original 1957 construction, being 1 inch gaps filled with expansion joint
material. The maximum displacement of the deck with respect to the footings in the design
earthquake was calculated to be 7-9 inches, involving about 1'% inches in the columns and the
remaining displacement in the isolators themselves. The maximum isolator displacement was
calculated to be 7% inches.

Clearly, the required seismic gap has not been provided. The reason for not doing so at
the time of the upgrade was given as economic. In the event of a major earthquake and conse-
quent damage to the haunch at the top of the abutment backwalls, the required seismic gap
would be provided at the time of repair.

The overall design of the bearings was influenced by several dimensional constraints.
The removal of the spherical steel pin type bearings provided a clear gap of only 9 or 10
inches between the top of the columns and the underside of the bent cap girders. The plan size
of the bearings was limited by the overall size (36 inches diameter) of the columns. Because
of the height restrictions, steel dowels were not used for the connection between the upper and
lower bearing plates and the isolators themselves. The bearings are kept in place by keeper
plates welded to the sole plates.

3. RUBBER COMPOUNDS

FCLJC - Four distinct compounds were used in the FCLIC isolators, all identified as high-
damping natural rubber. The compounds are designated by the supplier, LTV Energy Pro-
ducts, Arlington, Texas (in order of decreasing shear modulus), as 246-70, 243-65, 2x-69, 2x-
71.

All of these high-damping compounds have a highly non-linear stress-strain behavior that
is particularly advantageous for base-isolated systems. The materials are very stiff for cycles
of shear at small strain levels. The effective modulus decreases as the strain level increases up
to about 100% and for cycles of shear strain beyond this level it stiffens up again. Thus, the
system is stiff for wind loads, environmental disturbance, and small earthquake input. It
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softens for large earthquake input providing a long period isolation effect and if the motion is

much greater than that assumed in the design, the stiffness increases and the displacements are
controlled.

Another aspect of the mechanical behavior of these compounds that is important in inter-
preting isolation system performance is the fact that the material undergoes a reversible process
known as scragging. When tested to a specific level of cyclic shear strain, the stiffness in the
first cycle is higher than the subsequent cycles. The material rapidly reaches a steady-state and
all cycles after about the third are identical. When the compounds are tested under standard
test conditions, the accepted procedure is to quote only the fully-scragged properties. The pro-
perties associated with the first few cycles are generally ignored. After testing the material will
revert to its unscragged state in a matter of hours or sometimes days. Thus, an isolation sys-
tem that has been unshaken for several years will respond with higher initial stiffness than
would be anticipated for fully-scragged properties.

The combined effects of non-linearity due to low strain level and of scragging will mean
that the period of the building is much less than the period specified in the design.

The shear moduli of the various compounds were evaluated at the time of manufacture of
the isolators and the values obtained are listed in Table 1. The average ratio of the unscragged
2% modulus to the scragged 50% modulus (the design level) is 6.24, and this would predict
that the 1.50 second period (if the superstructure were taken to be rigid) would be reduced to a
period of 0.8 second. This result agrees with the period identified from the earthquake
response data.

Sierra Point Overhead - The elastomer used in the bearings is a lightly-filled rubber desig-
nated by the manufacturer, LTV Energy Products, as 247-55. It is a high-strength, low-
damping natural rubber compound which is less nonlinear than the high-damping compounds.
The scragged 2% shear modulus is about 250 psi compared to the scragged 50% modulus of
about 100 psi. No information is available on the unscragged moduli for this compound.

4. EARTHQUAKE RESPONSE OF THE STRUCTURES

CSMIP processed data was used in the response studies of both structures. Typical
CSMIP accelerogram processing involves instrument correction, baseline correction, high and
lowpass (bandpass) filtering, and then numerical integration to obtain velocity and displace-
ment. The FCLIC accelerograms were bandpass filtered with ramps at 0.3—0.6 Hz and 23—
25 Hz, while the Sierra Point Overhead filter ramps were 0.15—0.30 Hz and 23—25 Hz. This
means that all long-period content greater than 1.67 seconds and 3.33 seconds was removed
from the FCLIC and Sierra Point Overhead records, respectively.

FCLJC - The peak building response and free-field accelerations are given in Table 3. Plots
of the N/S foundation, basement, 2nd floor, and roof accelerations are shown in Fig. 5.
Linear-elastic 5%-damped response spectra for these responses are shown in Fig. 6. The two
figures indicate that the isolation system reduced the high-frequency content of the input
ground motion to the superstructure. The structure response period in the N/S direction is 0.7
second from the response spectra (Fig. 6). The maximum displacements of the isolation system
were 0.25 inch (2% shear strain) and 0.10 inch (0.8% shear strain) in the N/S and E/W direc-
tions, respectively. Frequency-domain analyses of the data indicate that the structure responded
with a period of approximately 0.7 second in both the N/S and E/W directions. A single-
degree-of-freedom analysis of the isolation system using 2% unscragged properties for the
bearings gives a period of approximately 0.7 second. Information from the original design cal-
culations and computer analyses of the structure indicate that the first translational periods of
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the superstructure are approximately 0.7 second in both the N/S and E/W directions. These
results suggest that the FCLIC response in the Upland earthquake involved coupled response
of the closely-spaced first isolated and superstructure modes. Time-history analyses of the
FCLIJC subjected to the foundation motions recorded in the Upland earthquake have been per-
formed with good agreement between analytical and measured responses.

The torsional response was investigated by evaluation of the torsional displacements of
the isolation system and of the superstructure above the isolators. While found not to be
significant, about one-half of the tota] torsional displacement occurring at the roof level was
due to the isolation system. Vertical deformations in the isolators on the north and south sides
of the building were calculated. The deformations were found to be extremely small ( 0.02
inch) and did not cause any appreciable rocking motion in the superstructure.

Sierra Point Overhead - The peak structural response and free-field accelerations are given
in Table 4. Plots of the longitudinal (N/S) west column above-isolator, below-isolator (top of
column), base of column, and free-field accelerations are shown in Fig. 7. The above-isolator
peak acceleration (264.5 gals) is slightly less than that below the isolator (304.5 gals) and some
reduction of high-frequency content is evident. Linear-elastic 5%-damped acceleration response
spectra for these responses (excluding the free-field) are shown in Fig. 8. For the high-
frequency peak at about 0.1 second there is some reduction in the spectral ordinate from below
the isolator to above the isolator, but for periods greater than about 0.2 second the accelera-
tions above the isolator are equal to or greater than those below it.

The maximum displacements in the isolation system were 0.20 inch (3.6% shear strain)
and 0.12 inch (2% shear strain) in the longitudinal (N/S) and transverse (E/W) directions,
respectively. These maxima both occurred in the west column isolator. Calculation of the
force-deformation relationship for the west column isolator indicates that this level of deforma-
tion corresponds approximately to the point of first yield of the lead plug. The force-
deformation relationships for all of the six different types of bearings were calculated and the
composite system stiffness at pre-yield deformation levels determined. The isolated period was
calculated to be approximately 0.75 second. It was not possible to identify a structural period
from frequency-domain analyses or response spectra, and thus this calculated period could not
be confirmed. However, because of the lack of clearance at the abutments (a nominal 1-inch
gap filled with expansion joint material) the deck is not free to move as if it were properly iso-
lated.

As put forward in [4] the 3 to 4-fold increase in superstructure accelerations over those in
the footing indicates that either

(a) the composite backfill-abutment-superstructure system is almost rigid and responded to a
spike in the site response spectrum (which is not evident in the spectra), or

(b) the conglomeration of loosely-connected superstructure members (the longitudinal
stringers that span between the bent caps are fixed at one end and sit on a rocker bearing
with additional restrainer-bar seismic restraint at the other) responded dynamically by
moving with respect to each other and transmitted frequencies throughout the steel super-
structure which were recorded by the instruments. If this were the case, then the accelera-
tions recorded would not be representative of the inertial forces subjected to the columns.

Because of the restricted clearance and restraint existing at the abutments and the seg-
mental nature of the bridge superstructure, it is not possible to make a more detailed interpreta-
tion of the records.
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5. CONCLUSIONS

It is clear that both of these base-isolated structures did not act under recent earthquake
loading in the manner intended for a base-isolated structure. In the case of the FCLIC the
response is satisfactorily explained by the fact that the effective isolation period at the level of
deformation induced in the elastomer is about the same as that of the fixed-base superstructure.
Isolation as a concept is based on there being a large separation between the isolation period
and the fixed-base structure period. The advantages of isolation derive from the low participa-
tion factors of the higher modes. The small amplification in accelerations seen in the FCLIC is
a consequence of the fact that the building did not fulfill this requirement at that level of input.
The degree of attenuation of the free-field motion under the building was also surprising but
due to the proximity of the epicenter and the depth of the earthquake the motion was most
probably generated by vertically-propagating shear waves. The waves striking the free surface
reflect in a different way than waves impacting the covered surface under the foundation and
this rather than the degree of embedment could explain the attenuation. Although the isolators
were about 8 times stiffer than assumed in design, the damping was very high assuring a sub-
stantial degree of energy absorption. The structure did perform with smaller drifts and smaller
forces than would the fixed-base structure subjected to the same input motion.

In the case of the Sierra Point Overhead the fact that the abutments prevented movement
explains the unusual response. This, combined with the high stiffness of the bearings at low
levels of strain combine to prevent isolation action.

The conclusion to be drawn from this study is that over-conservatism in the design of
base isolation systems is not necessarily a correct approach. Since the FCLIC building was the
first base-isolated building in the United States, a great deal of conservatism was incorporated
into the design. In recent years extensive tests to failure of isolators for nuclear power plant
applications have shown that properly designed and manufactured isolators are capable of very
large strains under load and have remarkable margins of safety beyond the design level. This
implies that designers should be careful with their conservatism in designing base isolation sys-
tems. The structure should be designed on the same basis as a conventional structure with the
confidence that if the design-level earthquake is exceeded, the isolators will not fail but the
failure will be in the superstructure with exactly the same mechanisms as in a conventional
structure. In this way, when the structure is struck by the type of moderate earthquake which is
highly likely during the lifetime of the structure, its performance will include those aspects for
which isolation is used, namely, reduction of acceleration in the superstructure, no participation
of the higher modes and reduced input to building contents.

Analysis of the Sierra Point Overhead Loma Prieta data revealed that the bridge instru-
mentation layout involves unnecessary redundancy in some channels. It is recommended that
the layout be evaluated and redesigned to provide a more informative response data-set for
future earthquakes.
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Table 1 Shear Moduli for FCLIC Rubber Compounds

Shear Modulus (psi)
2% 50% 100%

Compound

unsc. | Scr. | unsc. | scr. | unscr. | scr.
246-70 1083 | 500 | 240 | 163 176 156
243-65 1083 | 417 205 143 146 130
2x-69 617 | 402 150 114 111 100
2x-71 542 | 259 | 125 | 100 96 89

Table 2 Isolation System Stiffnesses

Shear Stiffness (kipsfin)
2% | 10% | 25% | 50%
unscragged | 4949 | 2288 | 1412 | 955
scragged 1700 1000 800 640

Table 3 Summary of Peak Accelerations, FCLJC

Accelerations (gals)

Component
N/S EW

roof 152.8 85.7
2nd fioor 69.4 -
basement’ 52.6 37.8
foundation? 138.9 106.2
free-field 235.6 228.5

Superstructure N/S channels are at center of building
1 - above isolators
2 - below isolators

Table 4 Summary of Peak Accelerations, Sierra Pt. Overhead

c X Accelerations (gals)
en

ompon s T EW | Vertcal
above W. col isolator | 264.5 | 190.3 85.2
below W col. isolator | 305.4 | 204.2 -
above E col. isolator | 283.3 | 179.7 -
below E col. isolator 307.5 | 188.3 -
base of W column 88.0 44.4 28.9
free-field 103.6 56.6 31.2
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ANALYSIS OF A TWO STORY OAKLAND OFFICE BUILDING
DURING THE LOMA PRIETA EARTHQUAKE

Frank E. McClure
Consulting Structural Engineer

ABSTRACT

A three-dimensional model of a two story Oakland office building was
subjected to response spectra and time history analyses developed from the
California Division of Mines and Geology Strong Motion Instrumentation Program
(SMIP) Loma Prieta earthquake records. Although the building had a severe
plan torsional irregularity, and was subjected to large peak ground, second
floor and roof accelerations, the building suffered no damage. These dynamic
analyses showed that the building was twice as stiff and strong as required by
current 1988 Uniform Building Code provisions.

INTRODUCTION

The purpose of this study is to obtain a better understanding of the
excellent performance of a two story building in Oakland which was subjected
to large peak ground and spectral accelerations during the Loma Prieta
earthquake. The building was instrumented by the State of California,
Department of Conservation, Division of Mines and Geology Strong Motion
Instrumentation Program in 1974. The building is designated as an Oakland two
story office building, CSMIP Station No. 58224. The location of the ten
sensors is shown in Figure 1. The acceleration records for these sensors are
shown in Figure 2.

This report is written from the viewpoint of structural engineers who
design new buildings and evaluate the performance of existing buildings. They
are concerned with the maximum response of any particular element of the
building, the duration of strong ground and building shaking, the periods of
the significant modes of vibrations, and the maximum displacements. Strong
motion records provide the data to be used with computer analyses to obtain
the above information.

From the maximum response of an element, the structural engineer can
design the member to resist the forces on the member. Duration and magnitude
of shaking gives an indication of the number of cycles of large member forces
and displacements. These data are important for the design and evaluation of
ductile, semi-ductile and brittle members. The maximum displacement and
inter-story drift give clues to possible damage to non-structural elements of
a building. Designing a building with low inter-story drift criteria reduces
the displacements of and damage to the non-structural elements.
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BUILDING DESCRIPTION

The building is a two story office building located in Oakland,
California, designed in 1964, and built in 1965. The plan dimensions are 150
ft. in the east-west direction and 163 ft. in the north-south direction with
14 ft. 6 in. story heights. See Fig. 3. The building was designed to have a
future third story which was never built. It is located on the north-east
corner of the street intersection with a three story building to the north
and a one story building to the east.

The building is a structural steel moment frame structure with
reinforced concrete fill over roof and second floor metal decking welded to
the steel frame. The first floor is a reinforeced ' concrete slab on grade. The
foundations are reinforced concrete spread footings for the interior columns
and continuous deep footings for the exterior walls and columns.

The building structure has a two story complete welded structural steel
frame. All beam and girder to column connections are moment connections. The
top and bottom flanges of each beam and girder to column connections are full
penetration butt welded to stiffener and continuity plates which were full
penetration butt welded to column flanges and webs. The beam and girder web
connections consist of single web plates that are butt welded to the ¢olumn
web and flanges, and fillet welded to the beam and girder webs the full height
of the web plates with return fillet welds top and bottom. There are no web
doubler plates.. These beam and girder to column welded connections are
similar to "Special" steel moment-resisting space frame connections used in
current construction, even though they were constructed over twenty-five years
ago.

The north and east walls are on the property lines and are non-bearing
four hour fire walls, They are constructed of 8" stack bond solid grouted
reinforced concrete block. These concrete block walls are well anchored to
the structural steel columns and beams, and the roof and second floor
reinforced concrete fill. The exterior south and west walls are non-structural
walls constructed of 6" nailable steel studs @ 16" o.c.

The north and east continuous 8" concrete block walls with the
structural steel moment frames throughout the building produce a building
with a severe torsional plan irregularity. The center of rigidity of the
lateral force resisting system is located close to the intersection of the
north and east continuous block walls. This torsional plan irregularity was
recognized early in the architectural and structural design of the building.
The architectural design was modified to allow closer column spacing in the
west and south street window walls which increased the in-plane lateral force
stiffness of these walls.

There are fifteen columns in the south wall frame as compared to six in
the other east-west frames. Fourteen columns are located in the west wall
frame as compared to seven columns in the other north-south frames. See Fig.
3.

The exterior west and south window walls are finished with interior
plaster and exterior stucco. These walls are non-bearing walls and have
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almost continuous narrow height strip windows in the second story and large
window openings in the first story. After the Loma Prieta earthquake, the
interior plaster and exterior stucco south and west walls showed only minor
cracks which could have been shrinkage cracks there before the earthquake.

The 1961 soils investigation report shows tliree soil borings to forty-
two feet. The typical soil profile is firm silty sand to sand of the Merritt
Formation underlie the site to depths of 30 to 40 feet. Below the Merritt
Formation is sandy and clayey silt of the Alameda Formation extending to the
depths explored. The static ground water, in 1961, was at 24 foot depth.
According to the 1988 Uniform Building Code, Table 23-J, an S-2 soil with an
S factor = 1.2 is appropriate for the site with a soil profile of dense or
stiff soil conditions, where the soil depth exceeds 200 feet.

1964 BUILDING DESIGN

Frank E. McClure of Frank E. McClure and David L. Messinger, Consulting
Structural Engineers, was the partner in charge, designer and engineer of
record.

The building was designed to conform to the 1961 Oakland Building Code
which followed the 1961 Uniform Building Code (UBC) lateral force provisions.
It was designed as a three story office building with a mechanical space
within the future third story. The design lateral base shear was calculated
using the following formula: V = ZKCW, where Z = 1.0, K = 0.67, C = 0.05/
T#%1/3 exp. power, T = 0.10 N = .30 sec., producing C = 0.075. V = 1.0 x .67
x .075 W= .05 W. The tributary weights of the future roof, future third, and
second floor were 1,150 k, 2,840 k, and 2050 k, respectively, or a total
weight of 6,040 k. Base shear V= .05 W = .05 x 6,040 = 302 k.

It is important to note that in the 1961 UBC, K = 0.67 could be used for
buildings with a moment resisting space frame which, when assumed to act
independently of any other more rigid elements, is capable of resisting 100
per cent of the total required lateral forces in the frame alone. There were
no "Ordinary" and "Special" steel moment frame provisions.

The 1961 UBC drift requirements consisted of the following statement:
"Lateral deflections or drift of a story relative to its adjacent stories
shall be considered in accordance with accepted engineering practice." It
was required to increase horizontal torsional moments resulting from an
eccentricity between the center of mass and center of rigidity of not less
than five per cent of the maximum building dimension.

With the plan torsional irregularity in the lateral force resisting
system resulting from the stiff 8" concrete block walls on the east and
north property lines, it was necessary to provide a stiff framing system in
the south and west walls. A stiff structural steel moment frame was designed
for these walls recognizing that it would be almost impossible for these

frames to be as stiff as the concrete block property line walls.

The building was designed with 100% of the design lateral forces being
resisted by the 8" reinforced concrete block wall parallel to the lateral
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forces. A separate design was prepared, wherein the 8" block walls were
neglected, and 100% of the design lateral forces were resisted by the complete
structural steel moment frames parallel to the lateral forces. All beam and
girder to column connections were welded moment connections, not just in the
south and west wall perimeter frames.

Based on very rough approximations of relative rigidities of the
structural steel frames and engineering judgment, the south and west frames
were designed for V = 116 k or about 40% of the total building lateral force
parallel to each of these frames. This design base shear was much larger than
would have been obtained by rigorous seismic analysis taking into
consideration the relative rigidities of the concrete block walls and the
steel moment frames, including the increase in the torsional moments due to &
5% additional accidental torsional eccentricity.

The 1961 UBC design requirements for structural steel frames were
simpler than those in the 1988 UBC. Panel zone shear and drift calculations
were not required. No column web doubler plates were provided. The steel
frames as built do not conform with the panel zone shear requirements of the
1988 UBC. However, the beam and girder to column connections develop the
flexural capatity of the beams and girders. Continuity and stiffener plates
were provided which would conform to the 1988 UBC provisions for "Special
steel moment-resisting space frames. The structural steel frames in the south
and west walls more than meet the drift and AISC unity check requirements of
the 1988 UBC.

AMBIENT WIND AND FORCED VIBRATION MEASUREMENTS

In April 1965, the United States Coast and Geodetic Surveys measured the
first mode period of the building using a Sprengnether Portable Seismograph
and a Ranger Lunar seismometer. The wind excited period of the building in
the north-south direction was 0.47 sec. and 0.48 sec. in the east-west
direction. At the time of these measurements, the concrete block walls and
the complete structure were in place. The south and west street exterior
metal stud walls were in place but had not been plastered.

Later in 1965, forced vibration tests were performed on the building
when the construction was almost complete. Only minor plastering of the
mechanical penthouse walls and completion of the painting of the building
remained to be completed. A complete description of these vibration tests and
the results can be found in a paper, 'Dynamic Response of a Two Story Steel
Frame Structure,' J. G. Bouwkamp and J. K. Blohm, Vol. 56, No. 6, Bulletin of
the Seismological Society of America, December 1966.

Based on the forced vibration measurements, the first mode period was
0.426 sec. and the second mode period was 0.130 sec. The decrease in these
periods, as compared with the ambient wind periods, can be attributed to the
increase in the stiffness of the building due to the added stiffness of the
exterior plastered south and west walls.

Having the first and second modes of vibration from the forced vibration
measurements provided a unique opportunity to validate the computer modeling

13-4



SMIP91 Seminar Proceedings

assumptions, if the computer model first and second modes of vibration were
close to the forced vibration values.

COMPUTER MATHEMATICAL MODEL

A rigorous three-dimensional mathematical model of the building was
prepared with 196 nodes, 321 beam-column elements and 88 membrane elements.
This model included consideration of the flexibility of the roof and second
floor diaphragms and the stiffness of the non-structural elements. The IMAGES-
3D Finite Element Analysis Program developed by Celestial Software, Inc. was
used.

In the development of a computer mathematical model to simulate the
building's dynamic characteristics, the modeling of the non-structural
elements can have an influence on the periods of the modes of vibrations for
low levels of building excitation. Under the current study, computer analyses
of the building without plastered exterior walls produced a first mode period
= 0.63 sec. and a second mode period = 0.20 sec. as compared to a first mode
period = 0,463 sec. and a second mode period = 0.172 sec. for the building
with plastered exterior walls.

The model with the plastered exterior walls was considered a viable
model when it produced a first mode period = 0.463 sec. and second mode period
= 0,172 sec. as compared with the forced vibration first mode period = 0.426
sec. and second mode period = 0.130 sec.

Referring to Fig. 2. structural response record for south-east roof
corner Sensor 3, the peak roof acceleration of 0.65 g occurred at about 14
seconds into the record. Prior to this peak acceleration, the period of the
roof response was about 0.50 sec. and about 0.60 sec. after the peak
acceleration. This period lengthening can be explained since after the peak
response, the non-structural elements were not as well-connected to the
structure and their lateral stiffness was diminished.

1988 UNIFORM BUILDING CODE SEISMIC ANALYSTS

Using the above computer model, a conventional 1988 UBC lateral force
analysis was performed that took into account the flexibility of the roof and
second floor diaphragms. The roof and second floor horizontal seismic forces
were distributed throughout the building to the appropriate nodes based on
their tributary nodal masses.

Based on the as-built two story building with a mechanical penthouse,
the 1988 UBC lateral force base shear, V = ZICW/Rw, where Z = 0.40, I = 1.0,
C = 1.25 S/T*%2/3 exp. power, S for S2 soil = 1.2, T = Ct x (hn)¥*3/4 exp.
power = 0.035 x (29)**3/4 exp. power = 0.437 sec. Therefore, C = 1.25 x 1.2/
0.437%%2/3 exp. power = 2.59, and V = .40 x 1.0 x 2.59 W/Rw. It was assumed
that the structural steel frame met the requirements of a 'Special" steel
moment frame because of the detailing of the beam and girder to column
connection with stiffener and continuity plates butt welded to the column web
and flanges. Therefore, Rw = 12 was used. V = .40 x 1.0 x:2.59 W/12 = 0.086
W for Rw = 12,
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The tributary weights of the roof and second floor were 2,200 k and
2,050 k, or a total weight of 4,250 k. Base shear V = 0.086 x 4,250 k = 366
k. This base shear of 366 k is about 207 greater than the 1961 UBC base shear

In order to compare the results of the 1988 UBC equivalent static
lateral force analysis with the response spectra and time history analyses, it
was decided to focus on the response of the south wall structural steel frame,
designated as "Frame 7." Frame 7 is parallel to the orientation of Roof
Sensor 3, Second Floor Sensor 5, and Ground Floor Sensor 7. The base shear
forces on Frame 7 and its roof computed response were used to compare the
results of the 1988 UBC equivalent static force analyses, the response spectra
and time history analyses. These base shear forces, roof displacements and
columns bending stresses are shown in Table 1.

The total 1988 UBC east west base shear = 366 k. The total base shear
without accidental torsion for Frame 7 = 110 k or about 30% of the total
building east west base shear. Accidental torsion added 9.8 k additional base
shear to Frame 7, and amplified torsion required by Section 2312 e (6), 1988
UBC, added 2.78 times the accidental torsion of 9.8 k or 27 k base shear. The
total Frame 7 base shear = 137 k which represents 37% of the total building
base shear. It is interesting to note that the 1961 UBC Frame 7 base shear
was about 407 of the total building base shear or 116 k without the use of
computer analysis.

TABLE 1.

MAXIMUM RESPONSE OF SOUTH WALL STRUCTURAL STEEL FRAME

INPUT BASE SHEAR ROOF DISPLACEMENT  COLUMN BENDING STRESS
1. 1961 UBC 116 k 0.40 in. 7,900 psi
2. 1988 UBC 137 k 0.47 in. 9,300 psi
3. Response Spectra ., . 1.19 in. 14,500 psi
5% Damping
4. Time History 160 k 0.89 in. 12,200 psi
29, Damping
3. Time History 133 k 0.80 in. 9,900 psi
5% Damping
6. SMIP Sensor 7 0.80 in.
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LOMA PRIETA RESPONSE SPECTRA ANALYSES

Three-dimensional 5% damped response spectra analyses were performed,
using Complete Quadratic Combination (CQC) combined 9 modes of vibrationm,
which included 96 per cent of the participating mass of the structure. The
requirements that orthogonal effects be considered was satisfied by using 1007%
of the east-west plus 30% of the north-south response spectra.

The total building base shear, V = 921 k or 229 of the total weight of
the building. This building base shear resulting from the response spectra
analysis is 921 k / 366 k = 2.5 times greater than the 1988 UBC base shear.

The base shear, V, for Frame 7 = 203 k. The Frame 7 columns members
had bending stresses = 14,500 psi, or about one-half the 1988 UBC allowable
bending stresses. The roof displacement = 1.19 in. or an inter-story drift
of (.0036) or 707 of the 1988 UBC allowable inter-story drift of (.0050).
See Table 1.

LOMA PRIETA TIME HISTORY ANALYSES

Three-dimensional time history analyses, using 2% and 5% damping, were
performed, which included the time histories of the east-west, north-south,
and vertical ground motions run concurrently. The largest total building
shear, V = 608 k or 147% of the total weight of the building. This building
base shear is 608 k / 366 k = 1.66 times greater than the 1988 Uniform
Building Code base shear.

The 57 damped time history, maximum base shear, V, for Frame 7 = 133 k,
and its roof displacement = 0.80 in. which corresponds to the Sensor 7
displacement of 0.80 in. This displacement represents an inter-story drift
of (.0024) or one-half the 1988 UBC allowable inter-story drift of (.0050).
The 2% damped time history responses were slightly greater and the column
member bending stresses = 12,200 psi or 40% of the 1988 UBC allowable bending
stresses. See Table 1.

FINDINGS AND CONCLUSIONS

1. A three-dimensional computer model was validated based on its first
and second modes of vibrations which matched the forced vibration first and
second modes. Using this model and the SMIP strong motion ground motion
records, the time history analyses produced the displacements of the roof
and second floor which were very close to the displacements shown in the
strong motion records.

2. During the Loma Prieta earthquake, the roof, second floor, and ground
were subjected to peak accelerations of 0.65 g, 0.39 g, and 0.26 g,
respectively., However, according to the time history analyses, the total
maximum base shear force on the building at any one time was 14% of the
weight of the building.
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3. Without performing response spectra and time history analyses, it is
difficult to explain the excellent performance of the building when just
comparing the design base shear, V equals 5.0% x the weight of the building
with the maximum recorded peak ground acceleration equal to 26% g. Depending
on the type of structural system and its configuration, buildings can resist
peak ground accelerations many times greater than their design base shears,
expressed as a percentage of gravity.

4. According to the time history analyses, the south wall structural
steel frame was subjected to a lateral force about equal to the 1988 UBC
lateral forces including the provisions for amplified torsion. The steel
frame members were subjected to 34% of their maximum UBC allowable bending
stresses. The frame deflected 50% of the 1988 UBC allowable drifts. In other
words, the structural steel frame was designed to be more than twice as strong
and twice as stiff as required by the 1988 UBC provisions.

5. This inter-story drift stiffness helps explain the lack of any damage
in the building despite its severe plan torsional irregularity. Minimizing
the inter-story drifts by designing a stiff structural steel frame along the
two street window walls helped mitigate the stiffness of the opposite property
line masonry walls. The use of over-strength and stiffness can mitigate
severe plan torsional irregularities.

6. Time history analyses provide better information concerning the
performance of an existing building than response spectra analyses. A better
understanding of the variation with time of the displacements and stresses in
the members is possible by "stepping" through the response of a building in
0.02 sec. time history intervals. Response spectra analyses, particularly
using smoothed design response spectra, are more appropriate for the design
ofnew buildings. Use of response spectra analyses, developed from on-site
ground strong motion records, tend to overstate the response as compared to
time history analyses, using the same ground strong motion records.

7. Multi-channel strong motion instrumentation records provide important
data to validate the performance of a building during an earthquake. The
records provide data concerning the acceleration, velocity and displacements
at various locations of the building, which aids in the validation of the
computer models used to evaluate the building. Computer analyses which can
reproduce the measured responses in the building are more credible than
computer analyses without such validation.

8. For buildings with plan torsional irregularities, the 1988 UBC
provisions require inclusion of amplified torsion up to 3.0 times the
accidental torsion. This amplified torsion provision requires increasing the
design forces in the perimeter structural elements in the building. If damage
control is a design goal, then reduction of the allowable inter-story drifts
for these elements also should be considered. The excellent performance of
the subject building can be attributed mainly to the stiffness in the street
window wall structural steel frames.
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CORRELATION BETWEEN RECORDED BUILDING DATA AND
NON-STRUCTURAL DAMAGE DURING THE LOMA PRIETA EARTHQUAKE

Dr. Satwant S. Rihal
Professor, Architectural Engineering Department
Cal Poly State University, San Luis Obispo, CA 93407

ABSTRACT

A study of non-structural damage observed in the instrumented Santa
Clara County Government Center building, during the Loma Prieta, California,
earthquake of October 17, 1989, has been carried out, to correlate the
recorded CSMIP response data with observed non-structural component damage.
A methodology is presented to assess the performance and behavior of
non-structural building components during earthquakes.

INTRODUCTION

Widespread non-structural component damage was observed and reported in
a broad class of buildings during the Loma Prieta, California earthquake of
October 17, 1989. Such damage was distributed over the San Francisco Bay
Area, including the cities of Oakland and San Francisco as well as San Jose.
The major consequences of the non-structural component damage are the severe
economic impact posed by such damage as well as possible life-hazard in some
cases. It is worth noting that as expected non-structural damage was
observed mainly in modern multi-story buildings which otherwise behaved
satisfactorily during the Loma Prieta, California Earthquake. The objective
of the project is to analyze recorded SMIP data and study the correlation
between available recorded data and non-structural component damage in
instrumented buildings during the Loma Prieta earthquake of October 17, 1989.

INSTRUMENTED BUILDING CASE-STUDY
SANTA CLARA COUNTY SERVICES BUILDING - SAN JOSE

After initial study it was decided to lead this research project with a
case-study of the Santa Clara County Government Center Building located in

downtown San Jose. This building has been the source of recorded data from
two previous earthquakes in 1984 and 1986, and has been the subject of
studies during these previous earthquakes. The overall view of this

case-study building is presented in Figures 1 and 2.

DESCRIPTION OF BUILDING STRUCTURAL SYSTEM

This thirteen story building is essentially square in plan
configuration. The structural system consists of moment-resisting frames at
26 ft. o.c. in both directions. Wings along the west and south sides of the
building are used primarily for circulation, e.g., elevators and stairs as
well as for mechanical systems. These wings are offset in plan and that is
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the only plan irregularity in the layout of the primary structural system.
Furthermore, these wings extend one floor above the roof which is the main
vertical irregularity in the building structural system. There is a
non-structural irregularity on the southwest corner between the two wings
discussed above. From the ground floor to the fifth floor there is a glass
enclosed architectural space. The main foundation system consists of a solid
mat foundation. The typical floor framing plan is presented in Figure 3.
Typical moment-resistng-frame elevations are shown in Figures 4 and 5.

OBSERVED NON-STRUCTURAL DAMAGE

Non-structural building components are classified to include partitions,
suspended ceilings, curtain walls, facades and cladding, and contents, e.g.,
filing cabinets, book shelves, computer equipment, office furniture, etc.

The non-structural damage observed in the Santa Clara County Government
Center Building falls mainly in the category of contents damage including
damage to interior space-enclosure partial-height partitions.

In general, valuable non-structural damage data gets lost soon after an
earthquake due to the need and necessity to quickly repair such damage to
bring building facilities back into operation. For this case-study, the
Santa Clara County Government Center Building, a video tape documenting non-
structural damage observed soon after the Loma Prieta earthquake, was
obtained [5] for study and analysis.

A review of the video tape [5] of observed non-structural damage shows
that there was substantial damage to contents in this building facility,
mainly at the 7th, 9th, 10th and 1lth floor levels.

A classification of non-structural components (contents) and
corresponding observed damage and location is presented in Table 1.

RECORDED MOTIONS

The typical recorded and processed data obtained from the strong motion
instruments in the Santa Clara County Services Building, as provided by the
CSMIP program [4] is shown in Figure 6.

A typical floor acceleration response spectrum for the 7th floor (NW
corner) based on CSMIP vol. 3 [4] data for this building is presented in
Figure 7.

CORRELATION BETWEEN RECORDED DATA AND OBSERVED NON-STRUCTURAL DAMAGE

Non-structural component damage in buildings is characterized by both
acceleration as well as inter-story drift effects. A study of the observed
non-structural damage data recorded on video tape showed that in general,
there was no damage observed below the fifth floor level. The majority of
the non-structural component damage is concentrated at the 7th and 1lth floor
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levels, with lesser damage observed at the 8th, 9th and 10th floor levels.
Efforts are now under way to complete the correlation between floor responses
(accelerations and displacements) and corresponding observed non-structural
component damage. It is planned to develop a non-structural damage index as
one means of quantifying the observed non-structural damage in relation to
corresponding recorded response data (accelerations, displacements, etc.).

Summaries of the peak responses recorded at different levels in the
Santa Clara County Government Center Building, during the 1989 Loma Prieta,
California, earthquake as well as the 1984 Morgan Hill, California,
earthquake are presented in Tables 2 and 3.

OBSERVATIONS/PRELIMINARY RESULTS/CONCLUSIONS

A comparison of peak recorded motions at different levels in the Santa
Clara County Government Center Building during the 1989 Loma Prieta
earthquake and the 1984 Morgan Hill earthquake shows that the peak recorded
response floor accelerations and displacements during the 1989 Loma Prieta
earthquake were almost twice those recorded during the 1984 Morgan Hill
earthquake @ the 12th floor and roof levels and approximately 2.5 times @ the
7th floor level. According to damage data provided by Van Osdol [5], this
building suffered non-structural component damage during the 1984 Morgan Hill
earthquake and the 1986 Mt. Lewis earthquake also. Since that time certain
levels of upgrading and retrofit of non-structural building components has
been carried out, which helped reduce level of non-structural damage during
the 1989 Loma Prieta earthquake. Work is now underway to carry out a seismic
analysis of the building system using the computer program ETABS [1] to
develop a better correlation between results of analysis, recorded data and
observed non-structural component damage in the Santa Clara County Government
Center Building.
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Figure 1. Santa Clara County Government Center - San Jose
Overall View from South-West

Figure 2. Santa Clara County Government Center - San Jose
Overall View from the North-West
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Santa Clara County Government Center - San Jose

Typical Structural Floor Framing Plan

Figure 3.



UOTIBASTY SwelJ-3uTlsSTSaY-Juamoy 3IsoM-1sey [eo1dL]

SuoTleASTY SwWel]-TFuIlsSTSoY-jUsWOl Yanog-yaaoN Te2TdA]

@ —

@

® O

© @

@ -z @ Q.\R@ -2z @ c-nz @ o-n12 @a.s@

9SO[ UBS - I93U9) JUSWUILA0H AJuno) BIBTH BIURS ¢ 9iIn1J 9SO UB§ - I93U9) JULWUILA0H LJuno) eiIBH BIUBG ‘4 2InTT1g
AR 4 =
ey N ' 3 °© <
pag ~ -~
~ < -a oy
3 o %
o N} o v o Y [\ o
- I.A\ 4 - o ~ ..JM\ 4 - mm
N Il IS N @A\._Tﬂ& Sio N o
£
~ ilv " 3 N Sy : s
N Fle 7 N 2-l= Ila N N
. ile " 5 o 3 o ¢
oy ea\o-_: ~
N 3o N o ' o ~ o N
R r.Ad\ Y ¢ = © ....m v ¢ = -
~7
)
OSb « \u/ [N o o e L-¥21 N \u/ o S o
v [\ ¢ = b = >
g > o ' 3|° ;
o — N
AR {e ° 2 LR IN e N S "
w IS RS EN > o 3|0 > 3 [
m 3 Q R W
N o N - =1a
A |+ w 5. N s N il I 2 L
o d ° " S
Y
5 = - =
AR 7] . . KGRI 3le o N 1..
.m 0 3 bl = > SN o - <
~ —
: - . &
BN KN ¢ G -QLi ~
=} i § R ; FIR 3 c
P > % o A >
g =+——& E
m I\ F N o N T N 3 N .
s ) ¢ z W 3lc D >
Z & =
o \.M/ N N o M ot-59% o 1IN o ¢
¢ als § 3 3w g 318 & >
0 -
[
&=
N Fe o Flo N 0 N
o g o 1 o -
& % S N > N EY LY N > Y
~— ~
CANL) (dal) (@283 (L) CIAL) (dnl) cod . Cax1) (4AL) CdAL) (dr1) CdaLd Cart)
—Gnizm 2@ xtzM Fewed | 231z | 22=12 orae| O ) Y=-Gr2 23 =i B> 12M Cadality et 29 <1 by xizrt
m f o ° o ¢ .w
. . - + ! = ES »
(49 wodd)
T &< ||



X

ACCELERATION
(cu?ssc?szc)

~200

I

et o

SMIP91 Seminar Proceedings

MORGAN HILL CARTHOUAKE APRIL 24, 1984 1315 PST
SAN JOSE - SANTA CLARA CO. BLDG. CHN 12+ 90 DEG  (7TH FLOOR, NORTHWEST CORNER)
INSTRUMENT-CORRECTED AND BANDPASS-TILTERED ACCLLLRATTON, VELOCITY AND DTSPLACEMENT
FILTER BAND: 20-.30 70 23.0-25.0 HZ. 97357-C0185-84115.01 060688. 1616-0MORGANB4

MAK = ~99.0

CITY

MAX = 28 7

AAAANMAAAAAAAAAAAAAAAAAAAAAAAAA

(WSS

“””V”VVVWUVVVVVVVVVVVVVVVVVVvvvvv

MAK = 9.7}

nA,\,\nn/\/\/\/\/\/\A/\/\/\AA/\/\AA/\/\/\/\/\/\/\AA/\T

DISPLACEMENT
(ow)
(=]

AR A A AR AR A

>

00

ACCELERATION
(CM/SEC/SEC)
L =1

-400
120

VELOCITY
(CM/SEC)
(=]

-120
40

DISPLACEMENT
(™)
<

10 20 30 40 50 60 70 80

SANTA CRUZ MTNS (LOMA PRIETA) EARTHQUAKE OCTOBER 17, 1989 i7:04 PDT
SAN JOSE - 13-STORY GOVT. OFFICE BLDG.  CHN 12: 90 DEG (7TH FLOOR, NW CORNER)
INSTRUMENT-CORRECTED AND BANDPASS—FILTERED ACCELERATION, VELOCITY AND DISPLACEMENT
FILTER BAND: 0.12-0.24 TO 23.0-25.0 HZ,  57357-C0185-88291.03 032191, 1634—QLBYAISTA

F MAX = 252.1

UK SN T T N YO0V VA Y O O W W OO YOOV WO YO YU N N Y S YO U WO O O Y SO0 O OO TN GO [ O OO YO Y [ O OO WU O 0 S GV OO

MAX = 61.6

MAX = 25,6

PRI N SO0 T 5V YO0 WX NN T O YT OO U N O U T N VUYWAY U WO U OO S N T IO O U DO0 OO T N O N O O VG 0 O WG WO W W

0 10 20 30 40 50 60 70 80 90 100 110 120
TIME (SEC)

Figure 6
Source: Ref. [3], [4]
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An Investigation of Serviceability Requirements
of the 1988 UBC Seismic Provisions

Chia-Ming Uang
Assistant Professor, Northeastemn University
Ahmed Maarouf
Graduate student, Northeastern University

ABSTRACT

The Uniform Building Code (UBC) serviceability requirements to control story drift and member forces
for the ‘‘moderate’” design earthquake are examined. It is shown from the UBC drift limits that the inten-
sity of the UBC-implied moderate design earthquake for buildings taller than 65 ft. is only one-sixth that
of the severe design earthquake. Recorded responses of one steel and one reinforced concrete building
frames which were subjected to ground excitations with an intensity similar to the UBC moderate design
earthquakes are studied. The results show that, for certain ductile building systems, the UBC one-phase
design procedure cannot avoid excessive story drifts and structural yielding.

INTRODUCTION

Modem building seismic design provisions generally require that a well designed building should
be able to (i) resist minor earthquakes without damage, (ii) resist moderate earthquakes without structural
damage, but probably experience some nonstructural damage, and (iii) resist major earthquakes without
collapse (6). The 1988 UBC (9) seismic design provisions focus mainly on the third criterion, which is
commonly referred to as the ultimate limit state. The first two criteria can be referred to as the servicea-
bility limit state — a limit state which is overlooked in the UBC. While the ultimate limit state deals
with the life-safety considerations for severe earthquakes, the serviceability limit state attempts to reduce
economic losses by minimizing nonstructural damage and by avoiding structural yielding in moderate
earthquakes.

For design purposes UBC specifies an elastic design spectrum (C,,) for the severe design earth-
quake. The design base shear ratio (C,, ) for working stress design is computed as follows (see Fig. 1):

- Ceu
Cy = R. N

where R,, = system performance factor. Since the R, factor is a force reduction factor to account for
structural ductility, structural overstrength, and the difference between the working stress and strength
design formats (7), the C,, spectrum in Fig. 1 represents the inelastic design spectrum for the severe
design earthquake. Note that the level of the C,, spectrum varies with the R,, factor. To consider the ser-
viceability limit state, it is necessary to know the elastic design spectrum (C,;) for the moderate design
earthquake. In this study it is assumed that the levels between the severe and moderate design
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earthquakes differ by a factor Ry,,

C
Cos = 5= @

Fig. 1 shows the C,,, C,s, and C,, spectra. Note that the C,, spectrum is the inelastic design spectrum for
the severe design earthquake, while the C,; spectrum is the elastic design spectrum for the moderate
design earthquake.

To determine the Ry, value implied by UBC, it is necessary to consider the UBC drift limits. For
buildings with an R, value greater than 7.5 and a height taller than 65 ft., UBC requires that the design
story drifts ratio not exceed 0.03/R,, (see point A in Fig. 2). Accepting a limit of story drift ratio equal to
0.005 in order to control nonstructural damage, the ordinate of point B in Fig. 2 can be determined by
proportions

Rser = ——m—Rw =6 (3)

Since UBC uses an effective peak acceleration (EPA) equal to 0.4 g in high seismic regions, Eq. 3
implies that the EPA for the UBC moderate design earthquake is about 0.07 g — a level of excitations
which has been experienced by many buildings in the Bay Area during the Loma Prieta earthquake.

For steel design the allowable stress for seismic load combinations is equal to 0.88F, (= 0.66 Fy X
4/3). The UBC-implied allowable stress, F ), for the moderate design earthquake can be computed by
proportions (see Fig. 2)

Fa(es) - Ces - Ceu/Rser - Ry

088F, = Ty = ColRy = Fow @
that is,

Flen= Ru_088r, = Bv w0.88F )

a Reer " 077 =76 70T

The above equation shows that the UBC-implied allowable stress at the moderate design earthquake level
is excessive for ductile frame systems. For example, F{*) is equal to 1.76Fy for R,, = 12. When the
gravity load effects are considered, a general expression for F ) can be derived (8). Gravity load effects

can reduce but cannot eliminate member overstress in moderate earthquakes.

OBIJECTIVE AND SCOPE

The main objective of this research is to study the serviceability performance (i.e., control of story
drift and member forces) of multistory buildings. Two buildings (CSMIP Station Nos. 57355 and 57357)
have been selected for this study because the recorded base motions of these buildings have an intensity

similar to that of the UBC-implied moderate design earthquake.
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METHOD OF ANALYSIS

For each building it is necessary to compute member forces and story drift ratios. Since only a lim-
ited number of floors were instrumented to measure the lateral motions, and no member force measure-
ments were made by CDMG (2), a static analysis procedure using the computer program ETABS (4) has
been developed. For each building the analysis procedure involves the following steps.

1. Establish a 3-dimensional finite element model based on the design drawings.
2. Estimate dead loads and realistic live loads.

3. Based on the analytical mode shapes and the relative displacements of the instrumented floors, com-
pute the relative displacements of the other uninstrumented floors. Fig. 3 shows schematically the
procedure for a 10-story building which is instrumented at the fifth floor and roof,

4. Perform structural analyses at peak responses by applying the gravity loads and by imposing the rela-
tive displacements obtained from step 3 to the model. Detailed structural responses are thus obtained.

SUMMARY OF RESULTS

CSMIP Station No. 57357 — This is a 13-story office building located in San Jose (see Fig. 4b). It was
designed in 1972. The lateral force resisting system is a steel moment-resisting space frame. The funda-
mental periods predicted by the 1988 UBC empirical formula is 1.77 sec. The reactive weight of the
building is estimated to be 25,200 kips. The building is founded on alluvial soil with a mat foundation.
The 1988 UBC design base shear ratio is 0.043 for R,, = 12. A review of the design based on the 1988
UBC (see Fig. 5a) indicates that the maximum story drift ratio is 90% of the UBC limit (= 0.03/R,, =
0.025), and the member stress ratios are low (= 0.4).

Table 1 shows the natural periods computed from the responses recorded during the 1984 Morgan
Hill earthquake (3) and the 1989 Loma Prieta earthquake. The eclongation of the natural period is
insignificant (less than 10%), which is typical for steel structures.

The EPA of the base horizontal motion is 0.08 g. The ETABS analysis shows that the maximum
story drift ratio is 1.28% (see Fig. 5b). Fig. 5b shows that the stress ratio produced by the Loma Prieta
earthquake can be as high as 2.1 if the structure were to respond elastically. Apparently this type of
building does not satisfy the serviceability requirements to minimize nonstructural component damage
and to avoid significant member yielding even under minor to moderate earthquake excitations.

CSMIP Station No. 57355 — The building was designed in 1964 and constructed in 1967 (Fig. 4a).
This reinforced concrete office building consists of 10 stories above grade and one story below the ground
level. The lateral force resisting system consists of two end reinforced concrete shear walls and six inte-
rior frames in the E-W direction, and four frames in the N-S direction. The building is founded on allu-
vial soil with a mat foundation. The reactive weight of the building is estimated to be 24,500 kips. The
R,, value in the N-S (moment frame) direction could be taken as either 12, 7, or 5, depending on the
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ductility (or detailing) provided. Except for the UBC detailing requirements, this building satisfy the
UBC strength and stiffness requirements for an R,, value equal to 12.

The stress ratios of the structural elements (see Fig. 6) show that the beams control the design and
the columns are under-stressed. The gravity load effect is significant on these beams. The design story
drift ratios produced by the 1988 UBC design seismic forces are much smaller than the UBC limits.

A comparison of the measured periods (see Table 1) during the 1984 Morgan Hill earthquake (5),
and the 1989 Loma Prieta earthquake shows some elongation of fundamental periods in the longitudinal
and transverse directions. The elongation of the periods suggests a loss of stiffness of about 23% in the
E-W direction and 40% in the N-S direction. Considering that the rocking motion is significant in the E-
W direction during the Morgan Hill earthquake (1), the N-S direction was judged to be critical in resisting
ground excitations.

Because of the large lateral stiffness, which is a characteristic of reinforced concrete buildings in
general, the maximum story drift ratio (= 0.17%) during the Loma Prieta earthquake did not exceed the
serviceability limit of 0.5%.

The member forces obtained at the peak responses of the building show that a number of beams
have exceeded the yield moment, which is defined by the initial yielding of the longitudinal reinforce-
ments. The ratios between the actual member forces produced by the earthquake and the UBC required
strength have reached 1.0S in the beams and 1.7 in the columns (Fig. 6). Significant structural yielding
might have occurred had these members been proportioned to just satisfy the UBC strength requirement.

CONCLUSIONS

The Uniform Building Code seismic design procedure does not address the serviceability limit state
explicitly. Therefore a building structure which satisfy the UBC might experience significant nonstruc-
tural and structural damages. The serviceability problem is more pronounced for ductile frames with less
gravity loads. A simple analytical study shows that the intensity of the UBC-implied moderate design
earthquake for buildings taller than 65 ft. is only one-sixth that of the severe design earthquake. For duc-
tile frame systems the member forces may exceed member capacity significantly if the structure were to
respond elastically. This is confirmed by the study of a 13-story steel frame; the actual stress ratio may
be as high as 2.1, and the maximum story drift ratio is 1.28%. Because of the large lateral stiffness, the
serviceability performance tends to be satisfactory for the type of reinforced concrete structures studied.
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Building Direction Morgan Hill Loma Prieta Model
N-S 091 (5) 1.08 1.08
CSMIP-57355 E-W 0.64 0.71 0.70
torsion 0.39 047 0.37
N-S 2103 228 2.01
CSMIP-57357 E-W 22 224 217
torsion 1.7 1.75 1.62

Table 1 Comparison of Natural Periods
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Fig. 5 Member Stress Ratios and Story Drift Ratios (CSMIP No. 57357)
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DYNAMIC AMPLIFICATION OF GROUND
MOTIONS BY LOW-RISE, STIFF
SHEAR WALL BUILDINGS

Jon D. Raggett
J. D. Raggett & Associates, Inc.

Christopher Rojahn
Executive Director
Applied Technology Council

ABSTRACT

Dynamic amplification was defined as the ratio of actual
peak base shear to an equivalent rigid-body base shear. Peak
base shear was determined by summing the product of mass-times-
acceleration for every element of mass in the building. An
acceleration distribution over the entire building was assumed in
terms of recorded acceleration time histories at several
locations. Time histories from four buildings were studied. Due
to diaphragm flexibility primarily, the dynamic response of these
buildings did not differ significantly from that which would have
occurred from a five-to seven-story steel frame. Actual peak
base shears for this class of buildings was as high as 1.76 times
equivalent rigid body base shears.

OBJECTIVES OF STUDY

The original objective of this study was to analyze existing
strong motion data of low-rise, unreinforced masonry shear wall
buildings with flexible diaphragms, to determine the extent to
which ground motions are amplified by wall. Since there is only
one unreinforced masonry building heavily instrumented, and since
that instrumentation is not as complete as desired, the principal
objective was expanded to include all low-rise buildings with
stiff (masonry or concrete) shear walls and to include the
affects of wall and diaphragm flexibility. A secondary objective
of this study was to determine if any improvements to exiting
strong motion instrumentation plans were warranted.

DESCRIPTION OF THE EVALUATION PROCEDURE

The principal objective of this study requires that
amplification of ground motion be defined. Amplification of
ground motion can be defined in a number of ways. It can be an
instantaneous ratio of building motion to corresponding ground
motion, it can be some averaged ratio, it can be a distortion
reference to a corresponding absolute motion, and so forth. The
best measure of amplification of ground motion should relate to
the quantities used to design this class of buildings.
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Typically, low-rise, masonry and concrete shear wall
buildings with flexible diaphragms are designed using a
distribution of static-equivalent forces. The most commonly
referenced single measure of this set of static-equivalent forces
is the design base shear, V. Amplification of ground motion will
therefore be defined as the ratio of peak base shear allowing
wall and diaphragm flexibility to that which would occur if the
building were a rigid body. ‘

Specifically for this study, peak base shear is defined as
the maximum, total, seismically induced force transmitted to the
foundation by all shear walls and frames parallel to the motion
being considered. Out-of-plane wall forces at the ground level
are not included. Three peak base shears are defined (one real
and two hypothetical). The first is the actual, measured, peak
base shear (V3) including all of the contributions due to actual
wall and diaphragm flexibilities. The second is a hypothetical,
"what if", peak base shear (V2) that would have occurred if
diaphragms were infinitely rigid. 1In this analysis, diaphragm
motions are assumed to equal the average of the motions of the
walls to which they are attached. The third is another
hypothetical, "what if', peak base shear (V1) that would have
occurred if all diaphragms and walls were infinitely rigid.

Peak base shears (for each building, for each earthquake,
for each principal direction) were computed by numerically
summing the product of each element of mass and its corresponding
acceleration, over the entire building, for each increment of
time, for the actual and the two hypothetical cases. It is
relatively easy to determine the mass of every element. If the
building has been instrumented well, it is also reasonably easy
to approximate the acceleration of every element in terms of the
measured accelerations. A building (whether high-rise or low-
rise) is instrumented well if all significant motions excited by
an earthquake, for all parts of the building, can be approximated
with accuracy from the recorded motions. For the class of
structures considered in this study, the building is instrumented
very well if, for each principal direction (typically transverse
and longitudinal) the horizontal motions at a) the mid-points of
every diaphragm are recorded, b) the intersections of every shear
wall line and every diaphragm are recorded, and c) the bases of
shear walls are recorded. If base rocking motion is expected to
be significant, then at least a pair of vertical motions must be
recorded for each shear wall, as well. Certainly, some
approximations can be made with fewer instruments (such as
approximating the base motions of several parallel shear walls
with the base motion of a single shear wall).

For example, consider the assumed acceleration distribution
for a simple, one-story, rectangular warehouse building. It is
instrumented well if, for each direction, the base motion of each
end wall is recorded, the in-plane motion at the top of each end
wall is recorded, and the mid-span horizontal diaphragm motion is
recorded. End wall accelerations are assumed to vary linearly
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between the base and top motions. The horizontal motion of the
roof diaphragm (and tributary mass of the out-of-plane walls) is
assumed to vary as a half-sine-wave between end wall top motions.
Acceleration distributions are constructed similarly for multi-
bay and multistory buildings.

For each building, for each principal direction, for each
earthquake, the three base shears defined previously were
computed from the building properties and the recorded
accelerations. For each time history, extreme values of vl, v2,
V3 were identified (from the time histories V1(t), V2(t), V3(t)
respectively).

DESCRIPTION OF BUILDINGS STUDIED

The basic criteria used to select buildings for this study
were a) that the building have masonry or concrete shear walls
and flexible diaphragms, b) that the building was sufficiently
well instrumented so the acceleration distribution over the
entire building could be determined with accuracy, and c¢) that
strong-motion records for the building exist. Few buildings,
other than those instrumented under the California Strong-Motion
Instrumentation Program (CSMIP) are instrumented well enough to
meet the above criteria. Therefore, those buildings in the CSMIP
constitute the primary data base.

Only one unreinforced masonry building (for which strong-
motion earthquake records exist) is instrumented in CSMIP. It is
a 2-story rectangular building located in Gilroy, California.

The strong-motion instrumentation, in both principal directions,
does not meet the minimum requirements for this analysis. This
building was included in this study, however, because it is the
only building of its type, and some upper/lower bound analyses of
its motions can be made that will yield at least some information
regarding unreinforced masonry building behavior.

The second building is a rectangular reinforced concrete
tilt-up warehouse building in Hollister, California with plan
dimensions of 100 feet by 300 feet. The building has a wood,
penalized roof system. The building is instrumented well. See
Figure 7 for its elevations and Figure 8 for its instrumentation
plan.

The third building is also a rectangular reinforced concrete
tilt-up warehouse building in Redlands, California with plan
dimensions of 90 feet by 235 feet. The building has a wood,
penalized roof system. The building is instrumented well.

The fourth building is a 2-story rectangular office building
in Milpitas, California with plan dimensions of 125 feet by 168
feet. 1t has precast, reinforced concrete tilt-up walls with
large and uniformly spaced openings on all elevations. The
second floor diaphragm has metal decking over open-web joists
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with.a concrete topping. The roof diaphragm is plywood over wood
framing. The building is instrumented well.

EARTHQUAKE STRONG MOTION RECORDS ANALYZED
The earthquake motions analyzed for this study are
summarized in the following table:

PEAK GROUND PEAK ROOF
ACCELERATION ACCELERATION

BUILDING EARTHQUAKE LONG TRANS LONG TRANS EQ MAG

Gilroy URM Loma Prieta

(10/17/89) 24 .28 .55 .98 7.1
Hollister
Warehouse Loma Prieta .36 .25 45 .82 7.1
(10/17/89)
Hollister
(1/26/86) 14 12 .25 .30 5.5
Morgan Hill \
(4/24/84) .07 .08 12 .25 6.2
Redlands
Warehouse Palm Springs
(7/8/86) .04 .05 11 .13 5.9
Milpitas
Building Loma Prieta .14 .10 .59 .33 7.1
(10/17/89)

DISCUSSION OF RESULTS

For this paper the motions of only one building, the
Hollister Warehouse, will be discussed. The complete results of
this study will be presented by the Applied Technology Council in
ATC-27.

Shown in Figure 1 are schematic elevations of the Hollister
Warehouse. Shown in Figure 2 are the strong-motion instrument
numbers and locations.

Results are presented in two ways. Shown on Figure 3 is a
sample of the three inertial force time histories (V1(t), V2(t),
and V3(t)) defined previously that were obtained, for each
building, for each earthquake studied, and for each direction of
motion considered (transverse or longitudinal). The inertial
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total force time histories do not equal precisely base shear time
histories. The base shear time history equals the inertial time
history plus a velocity dependent (damping force) time history.
However, at the peaks of a total inertial force time history, the
velocity is zero. Therefore, the PEAK inertial forces do equal
the PEAK base shears. On the figure, the peak values of V1, V2,
and V3 are identified. Shown on Figure 4 are the peak base
shears (equal to the peak inertial forces) for the Hollister
Warehouse normalized with respect to the peak rigid body base
shear, V1 (the measure of amplification in this study due to
wall, or wall-plus-diaphragm, flexibility).

Amplification due to wall flexibility only is evaluated with
peak base shear, V2. For both directions of motion, for all
earthquakes, V2 maximum observed was 1.14. Generally, for this
class of buildings, there is insignificant amplification due to
wall amplification alone. The 14% amplification observed for
transverse motions of the Hollister warehouse for the Morgan Hill
earthquake may be due to base rocking more than due to wall
flexibility, but it was not observed in the other two earthquakes
studied for this warehouse. It comes as no surprise that
amplification due to wall flexibility alone for this class of
buildings, is insignificant.

Amplification due to wall and diaphragm flexibility (the
actual behavior) for warehouse structures can be very
significant, depending upon the aspect ratio of the diaphragm.
For longitudinal motions (a width to depth aspect ratio of 0.33)
actual peak base shears are only marginally greater than the
equivalent rigid body base shear (the maximum amplification is
7%) . This again is to be expected; it is intuitively obvious.
For transverse motions (aspect ratio of 3.00) actual peak base
shears were found to be 76%, 55%, and 15% greater than their
rigid body equivalents. These amplifications can be very
significant, but obviously are not uniformly large for all
earthquakes. This behavior is expected if a long, narrow
warehouse is modeled as an equivalent 2-story shear wall
building. The "first story" shear walls are the actual, very
stiff concrete, end shear walls of the warehouse. The ''second
story' shear walls are the relatively flexible, plywood,
horizontal half-diaphragms to mid-span. The '"second story"
lumped mass consists of approximately two-thirds of the entire
roof and out-of-plane wall mass. This '"'second story" lumped mass
can be very large, particularly when the out-of-plane walls are
concrete, are 300 feet long, and are 31 feet high (as they are
for the Hollister warehouse). This two-mass system with large
masses and one soft spring (the plywood roof diaphragm) can have
a fairly long fundamental period: approximately 0.65 seconds for
the Hollister warehouse. This period is apparent from the V3(t)
time history (shown in Figure 3 for the Hollister Warehouse).
This fundamental period is typical for a five- to seven-story
steel frame building, and is not generally associated with a one-
story building having solid concrete shear walls. Once it is
understood that a long, narrow warehouse is dynamically similar
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to a five- to seven-story steel frame building, then the observed
amplification of motion is not at all surprising. The behavior
of the other three buildings studied was similar.

Thus far, effects of wall and diaphragm flexibility on
overall building base shear have been studied . The effects of
diaphragm flexibility on the diaphragm itself is even more
dramatic.

Three plywood shear time histories were computed for
transverse motions of the Hollister warehouse for the Loma Prieta
earthquake. The first was the actual plywood time history
observed. The actual peak plywood shear observed was 3103 plf.
The plywood is 3/4 inch CDX with 10d nailing at 1-3/4" on
centers. Allowable shear is approximately 930 plf. The peak
value was 3.34 times the design value, with apparently no damage.
1f the roof diaphragm motions were assumed to equal the wall-top
motions, the peak plywood shear would have been 1510 plf; and, if
the roof diaphragm motions were assumed to equal the ground
motion (assuming the building responded rigidly to the
earthquake), the peak plywood shear would have been 1430 plf.
Amplification of plywood shear due to wall and diaphragm
flexibility (over rigid body bebavior) was 117%.

Amplification of wall anchorage due to wall and diaphragm
flexibility was even greater. Out-of-plane wall anchorage time
histories for transverse motions of the Hollister warehouse to
the Loma Prieta earthquake were also computed. The plywood
diaphragm is nailed directly to a 4x plate, which is bolted
directly to the top of the wall; there are no joist or purlin
anchors. Actual peak roof-to-wall anchorage load at diaphragm
mid-span was 1081 plf. The actual peak roof-to-wall anchorage
load adjacent to an end wall was 345 plf. The peak roof-to-wall
anchorage assuming rigid body behavior would bave been 327 plf.
The amplification of wall-to-roof anchorage due to wall
flexibility was 221%. The allowable load on the anchor bolt-to-
wood nailer is equivalent to 306 plf. The peak value measured
was 3.53 times this allowable value, with apparently no damage.

CONCLUSIONS

Low-rise, shear wall buildings are generally expected to be
stiff, and are not expected to have dynamic amplification factors
much greater than one. If the low-rise buildings have heavy,
stiff walls and flexible horizontal diaphragms their behavior in
earthquakes can be quite different.

The strong-motion records from four low-rise buildings (with
stiff shear walls and flexible diaphragms) were analyzed. Peak
base shears were amplified as much as 82% over what the peak base
shear would have been if the building was assumed to behave as a
rigid body.
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The amplification of elements of such buildings obviously
was greater than the amplification of the peak base shear for the
entire building. For one building, the Hollister warehouse, the
actual roof plywood shear was found to be (for transverse
motions) 1177 greater than what it would have been had the
building behaved as a rigid body; and wall-to-roof anchorage,
221% greater.

Transverse motions of buildings of this class will behave
very similarly to five- to seven-story steel frame buildings.
Similar amplifications of motion can be expected. The
longitudinal motions of such buildings show little amplification
of motion because the primary contributor to that amplification,
diaphragm flexibility, is expected to be small.

Although no complete set of strong-motion records were
available for a unreinforced building, because their floor
diaphragms typically are very flexible, it can be expected that
their peak base shears can be greatly amplified. The upper and
lower bound analyses made in this study for one unreinforced
masonry building, with a diaphragm aspect ratio of omnly 1.06,
showed this to be the case.

For this class of buildings, deformations that vary
horizontally are just as important as deformations that vary with
height. Consequently, the number of strong motion-instruments
required to describe the complete acceleration distribution with
accuracy can be large. In general, in order that building
motions be described unambiguously, the motion of every
horizontal diaphragm, the motion of every wall-to-diaphragm
connection, and the motion of each shear-wall-to-ground
connection should be recorded.
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